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a = REVIEW OF RESEARCH ON COMPOSITE STEEL—CONCRETE BEAMS 


Investigations of composite beams carried out in the period 1920- 1958 in 
a the United States and abroad included both ext experimental and theoretical stud- 


ies. _ Tests of specimens with and without mechanical connectors are summa-__ 


| ized, , specimens briefly described, and major results cited. Presentation - 


studies emphasizes the basic both and ulti- 
mate strength theories. 
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ynducted. tests” of t two 


floor panels, each consisting of two steel I-beams encased i in concrete and acon- 
crete slab. In reporting on the results of these tests, H. M. 
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a While such beams have hitherto been designed on Ge assumption 
that the e entire load . 
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United States(3) and in n England(5). All of them 
between the | materials - Thus, the starting point was for achain 


The early studies were concerned with encased in which the ‘inter- 
action the steel and concrete was prov ided primarily by bond. 4 


on mechanical connection between the pr the steel. 
ae io ‘Today, test results are available for over 250 composite beams made of 
Steel -beams and concrete slabs. “Included are T- beams made with one rolled 
beam, double -beams made with two rolled beams, 
tangular concrete beams containing one fully encased steel beam, “eo rectan- 
gular concrete slabs containing two or more rolled sections. Simply support- © 
- 3 ed beams, beams framed into girders or column stubs, and continuous beams : 


tested. Results are also available for about 250 push-out specimens 


utilized in shear tests of mechanical connectors and for a few other miscel- 
In addition to the simple and push-out | ‘specimens, tests were 
= conducted on a number of laboratory models of bridge decks and building 7 
floors, and on numerous actual structur es(6)(8 )(41)(46). This paper, however, 


rev iews only the tests of beams and other ‘simple specimens. fae 3 ne 


The ez early investigators of composite beams were concerned with 
the interaction between the steel rolled shapes and the surrounding concrete © é 
resulting from natural bond between the two materials. . Experiments carried a wa 
out and reported in Canada, England, en Europe, and the United States - _ 
re summarized in Table1, 


7 Canadian Tests.—The first Canadian tests were | reported by MacKay, Gil- 
| and Leluau in 1923(2). Two specimens were_ tested with uniform load-_ 
ing applied in several increments. _ Each specimen was made up of two rolled © 
beams framing into steel girders. The beams, fully encased in concrete, sup- a 
ported a reinforced concrete slab cast -monolithically with the concrete 
casements of the beams. — - Maximum steel stresses reached in the test of the m 
heavier loaded specimen were less than 22, 000 psi. _ Both strains and deflec 
_ tions indicated good interaction between the steel beams and the slab. = 
authors concluded that in the type of construction | considered, the concrete 
4 and steel act together; and that within practical limits such composite beams < 


per be Sone by methods analogous to those used j in the design of iy and 


of this form. of ‘construction depend o on 1 bond between the concrete 
and steel and that the safe limits of bond stress have not been determined. _ 
‘The early tests of double T-beams were followed by a single test reported 
_ Gillespie andR. C. Leslie(3a), and by a . series of tests reported by ——- 
in 1927(4). _ MacKay aimed at determining the strength of bond and the a“ 
of continuity. The bond strength was investigated with seven simply supported a: 
— beams, four with fully encased I-beams, two with only the top flange encased 
one > with bond absent on the top flange of a fully encased I-beam. tests 


were made with two located concentrated loads placed 
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STEEL- _CONCRETE BEAMS 


very « close the The beams were tested to yielding of the steel or 
to bond failure. The study of continuity consisted of tests of six fully encased a ; 
beams connected to transverse girders. The slab was reinforced with vary- 

7 ing amounts of reinforcing bars and was subjected to negative moment. Bond : 

_ failures occurred in the two partially encased beams at horizontal shearing 
stresses of 400 psi to 500 psi and in the beam with bond absent on the top — 

flange at a horizontal shearing stress of at least 750 psi. On the basis of 


tests” MacKay a working bond stress of 240. psi 


+ Carried Out In 


uo 


Nat. Phys. England 
Gillespie, et Canada 
Caughey 


USA 
Switzerland 
France 


anada 


-Batho, et al. England 


& Date of publication given where date of not available. Includes slab 
specimens and open mens with more than two steel beams. © Speci! mens with improved 4 


encased beams and the use of reinforcing bars in the negative moment regions 
amount equal to the area of the steel beam flange. 
Further: Canadian tests, carried out by Young, | Morrison and Sager, were 
reported by Manning(23). The tests included six T-beams, four partially 
po encased and two with slab resting on the top flange (no encasement). One of aa 
a" a the two latter beams had mechanical connectors (square bars) welded on one a 
of the span, the other had flexible I-connectors throughout the span. One 
re of the four partially encased beams was continuous over three spans; at two a 
oe interior and one exterior support, the steel beam framed into columns and ~ 
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the beam was s provided bar me- 
chanical connectors. The conclusion was reached that, so long as the bond be- BS 
a tween the concrete and the steel was not definitely broken, the compete 


beams behaved in substantial ‘correspondence with the theory of composite 
beams (assuming complete interaction between the slab and the beam). Fur- 
_ thermore, mechanical connectors were found to provide an excellent security ‘a 
British Tests. —An early interest in composite action between rolled steel 
beams and the concrete encasement was manifested in Ragland through 


ype ely with two to four rolled beams indicated definite presence of. com- : biol 

most comprehensive experimental study of composite beams 

— on natural bond was reported by ys Batho, S. D. Lash, and R. H. H. poe 
—— 16). The tests included 27 composite simple beams and 3 reinforced _ 


concrete beams incorporated for comparative purposes. Of the composite — re - 
beams, 18 had the steel I- beam fully in n the concrete ‘Section while 


. Twelve composite beams were tl 
ar and tested with concentrated loads at the third-points applied in sev — 
increments to failure. Fifteen specimens, framed into simply supported column 
stubs; eleven of them were subjected to about 250 days of sustained loading 
usually followed by a test to failure. 
Fo. _ The investigators concluded that the theory for reinforced concrete is ap- 
= to composite beams as long as bond is present. n All beams without 


— provisions for anchoring steel to concrete failed by diagonal tension 


of angle compactors increased the ultimate strength. 
= In general, composite beams were found to possess great reserve ——— Mes 
after yielding when end connections provided sufficient anchorage. _ The col- 

stubs apparently provided an excellent anchorage for fully encased beams, 

ob but did not prevent failure by slip in partially encased beams. mae 
_ For b beams without mechanical connectors or end anchorages, the authors | Ce, 

is recommended an an allowable bond stress of 60 p psi when the steel beam is fully — 
encased and 50 psi when the steel beam is only partially encased. ceils 

Bi he Tests in Continental Europe.—Stiissi, Cambournac and Baes reported tests | 

of composite beams and slabs without shear connectors in early 1930’s. L. 

Baes(10) tested two , composite T-beams with fully encased steel sections and — 
two slabs supported on four steel beams. L.Cambournac(7) tested three heavy 
- concrete slabs reinforced with four to five steel beams and F. Stiissi(9) tested — a 

six double beams with rolled steel beams eacased almost to the top of the 
 Stiissi’s tests. included two variables: the width of the slab and the presence 
or absence of preloading the steel beams prior to casting the slab. The beams _ 


were tested with concentrated loads applied at the third- -points in several in. - 


: - failed at between 80% and 100% of the theoretical fully plastic capacity. _The- 
author concluded that the had no effect on the ultimate capacity and 
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STEEL- -CONCRETE B BEAMS 
suggested of — beams on the basis of their ultimate mo- 
cy ment capacity. _ He also recommended the use of mechanical shear connectors ~ 


or, in the absence of mechanical connectors, | a 20% reduction of the calculated 


_ The effect of vibration on the interaction between the steel and concrete 
was investigated by G. Gruening through tests of four slabs supported on fully 
encased steel beams(14). Oscillating loads, equal to a fraction of the applied rr 
Static load, were increased in several increments. Higher oscillating loads a 


and at the Truscon Steel Company, were reported in -1923(3). All test beams 
were made of rolled beams with prongs sheared in the edges of the top flange - 
and bent upward to project into the concrete slab. _ Six out of the eight speci- * 
mens tested 1 failed in flexural compression in the slab after yielding of the 
steel beams, one failed in bond and one test was | ; discontinued before failure. 

_ Good interaction at working loads and high overload capacities were observed. \ a 
‘Tests of six composite T-beams were reported, in 1929, by Caughey(5). On a 
a. the basis of these tests and of ahistorical review of tests reported | in the lit- 

erature prior to 1929, Caughey concluded that composite beams may be de- 
signed safely on the basis of “elementary principles of design” and recom- 
_ mended an allowable bond stress of 0. 03 fc (or 60 psi for 2000 psi concrete); ¥ 
in case of higher bond stresses he suggested the provision of angles riveted 
to the top flange to carry the amie Ls shear in excess of the allowable bond _ 
a interesting method of ‘augmenting the natural bond was ‘employed in re re- 
cent tests by V. Lapsins (42), who tested four T-beams with slab resting on the 7 
top of the steel beams. The top flange in contact with the slab was roughened 
by chiseling out small at about 1/4 in. Slip between the 
beams and the slab was absent practically up to failure. The specimens fail- me 


SPECIMENS WITH § SHEAR CONNECTORS § 
is of — without shear connectors have shown that natural bond a 
a ~~ completely reliedon providing composite action only in fully encased beams © a 
_ subjected primarily to static loads and containing end details which constitute i] 
effective end anchorages. In partially encased beams and in all beams sub- “. 
jected to large fluctuating loads, the bond is not, generally, fully reliable. ‘The 
early investigations have indicated further that the weakness of bond may be © 3 
remedied by mechanical connectors attached to the top flar flange > of th the steel 
beam and embedded in t the concrete of the slab. 
xX Systematic studies of specimens with mechanical connectors began in the 
— 1930’s. After 1940, ao all investigations of composite action utilized 
mechanical connectors. . With few exceptions, in these studies the encasement 
ys of the steel section was entirely missing so that the concrete slab w: was in con- a 
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nent of the so-called Alpha System. In this methodof construction, the trans- ‘— 
er | of horizontal shear from the concrete Slab to the steel beam was assur . 
ya round bar formed into a helix. The helix, called | spiral connector, 
welded to the top flange of the steel section at the points of contact along — 
length of the beam. A summary of the tests with spiral connectors is given in Pes 
Static tests of eight specimens with spiral “connectors, carried out by . 
Voellimy and Brunner of the Swiss Materials, 


Carried Out m | ; Specimens 


: 


‘tr pe of 


Author of 


vestigati on 


| 


Reference 


“Voellmy 
static 


shrinkage 
static and fatigue 


Switzerland 
Switzerland 
‘Columbia Univ. 


Sap 


4 Date of publication given where date of investigation | not available. ° T stant 


tested with t two ‘concentrated loads, f four T- beams st subjected to axial ate ap- 
_ plied at different eccentricities, and two special specimens devised for deter- _ : 
‘mination of the shear transfer capacity | of the spirals. i. The last specimens 


x consisted of a short section of a steel I-beam and two concrete slabs, one con- 


nected to each beam flange with a spiral. The specimens were supported on 7 


the ends of the slabs and the load was applied axially to the steel beam. | The Be 


load was transferred from the beam to the slab by shear. = ‘This type of speci- 
“men was used extensively in later tests of ee and is re 
Rog reported the existence of complete interaction the slabs and 
“the steel sections up to the failure of bond. - However, even after the failure . 
d of bond, the composite beams and columns continued to deform essentially as 


. Specimens with Spiral Connectors.—The first systematic studies with me- tz 
| 
— _ TABLE 2,—SPECIMENS WITH SPIRAL SHEAR CONNECTORS — 
| 
tm 
— 
Voellmy Switzerland | 1935 | 21 | 2 
1937/15 | |) — 
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beams and the columns failed ‘by . Noe evidence of inadequate con connec - 
tion between the concrete and the steel was noted. On the basis of these re- . 
: sults, the author recommended to design the beams with spiral connectors ac- — 
‘cording to the ‘methods used for reinforced concr ‘ete beams. 
“ee Voellmy continued the studies of composite beams and spiral connectors in 
-1935- -1936 with tests of 9 beams and 36 push-out specimens. Two T-beams, © ‘= 
= identical except for the strength of concrete, were built for observation of 
shrinkage stresses in an outdoor exposure(22). effect of preloading was En 
studied by tests to failure of two fully encased beams(21); the two beams were A 34 
essentially identical, but one had an initial maximum dead load stress oft _ 


6,150 psi, while the bottom flange of the other beam was stressed initially to . 
24,160 psi by a combination of dead load effects and the residual effects ofa 
hanging the beam during casting and hardening of the concrete. 


- termine the behavior r of spiral nimaunanalaihs four beams were tested with re- a 
peated loading, the other specimens with static loads to failure. The tests of — ‘” 
4 push-out specimens included the following variables: two diameters of the — 
} = spiral bar, two ) diameters of the ‘spiral, - five > values of the pitch of the er: 


and two levels of the strength of concrete. 


——- The shrinkage measurements indicated that the maximum unit contraction 
7 at the top of the ‘slab was is of the order c or 0. 0.0003 and the maximum n unit contrac - 


section occurred only on the first day after casting the slab. The time depen- : 
i dent strains included the effects of temperature changes which seemed to ex- ‘7 
*, plain the major portion of the measured strains. The time dependent strsinn 


in the steel beams corrected for the effects of temperature changes were less — 
‘The second study(21) has shown that the initial bending stresses in the steel | i 
_ ‘beam did not influence the static load- -carrying capacity of a composite beam. 
& the other hand » the load deformation characteristics of the two beams 
On the basis of the static tests of push-out specimens, Voellmy concluded 
that spiral connectors came into action after the breaking of natural bond at 3 
bond stresses between psi and 430 psi. The shear was 


elastic foundations, a model for ca- 

_ pacity of a spiral and has shown with the aid of the push-out test data that this 
a depended only on the diameter of the spiral bar and on the strength of ; 
concrete. Static test of one T-beam indicated that the formula for the capacity 

of spiral connectors is conservative(13), 

; On the basis of the four repeated load tests, , Voellmy suggested that the fa- 

tigue strength was determined primarily by the maximum stress in the spiral 


sion in the bar on the other side of the weld, a tentative formula was derived 
for the fatigue of the spiral. The formula found i 
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comparison data, but Voellmy “cautioned that further fatigue be 
tests were needed to check the validity of the dynamic formula(13). eae 

Further ‘studies of spiral | connectors: involved static tests of simply sup-_ 
*, ported beams and of push-out specimens. In 1937, the staff of the Columbia _ 
tests of four double T- beams(15). . The dimensions of 


** - specimens. All specimens were tested with two concentrated loads past yield- 

* ing the steel beams. In two specimens, breaking of the spiral and some welds 

a. was observed after the beams have yielded. The data was in inconclusive con-_ ‘S 
Comparative tests of spiral, one type of rigid and two types of flexible con- Be 
. nectors were carried out in 1943, at the Fritz Engineering Laboratory, at Le- 

high University(19). Sixteen push-out specimens, four with spirals, four with 
2 flexible angles, four with flexible channels and four with stiff H-sections were 
included. The strength of concrete and the number of connectors were also | 
a varied. Failures in the concrete, the connectors and the welds were eee 


the flexible angles, providing 1 no anchorage against separation of the slabs” 
_ from the steel beams, failed by pulling out of the concrete. | | aS 
____ Another study of the effect of shoring was made by R . M. Mains(18) wh 
‘simply supported beams, two built with forms for the slab ‘sus- 


at first the beams supported during placement and curing of 

- had about 15% greater capacity than the beams with forms suspended from the 

_ steel section. Differences were observed, also, rap the ultimate loads but com z 
 Parisons with computed fully plastic capacities suggest that the temporary 


Bag ag had little, if any effect on the ultimate load-carrying capacity. Re ie 


was welded with only one weld on each rom allearl the I beam and that in half 
3 .: the tests the load was Seeneneeny released to zero to permit measurements a 
a. residual deformations. The diameter of the spiral bar was the only inde- 
¢ pendent variable included in the study. The capacity of the spiral was compar- a 
a ed with the capacity of stud connectors on the basis of “critical” loads defined | 
as the loads causing a residual slip of 0.003 in. It is of interest that the maxi- 
; mum load carried by the ‘Spiral connected by one weld was about ten percent ‘ 

higher than the average ‘maximum load per» weld obtained from the tests of — 


- push-out specimens with spirals connected to the steel beam with four welds > i 


4 (19) and 18% higher than the average maximum load per weld obtained from " BA 


‘specimens with six welds(19). The critical loads were found in good agree- = 


ment with Voellmy’s formula for static capacity of spiral connectors(60). Bia ag 


as Specimens a Stiff Connectors and Hooks .— After the early rengregy of spi- 


ed in Table 8. 3 


&§ 
g 
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— 
- types: connectors made from reinforcing bars in the form of hooks or loops Ree 
stiff connectors made from rectangular steel bars or from rolled shapes af 
to’ thee steel beams in such a manner as to offer the largest resistance 
4 to bending. The two types of connectors were often combined, with the stiff a a 
connector assigned the function of preventing slip and the hook or loop assign- = 
ng lifting of the slab. The test data are summariz~- 


In connection with the a composite the Swiss Federal In- 
- stitute for Testing Materials testedone T-beam with T- connectors in 1935(20). 
The beam was subjected to fatigue loading followed by a static test to failure. 
_ It failed by the crushing of concrete after yielding spread through t the full woe 
_ Another early beam test of stiff connectors, reported by R. C. Manning(23), 
_ utilized square bars welded across the beam flange. _ The bars were provided - 
only « on one half of the span; the other half was left without connectors. . The : 
test was included in the tests of beams without shear 


AND STIFF CONNECTORS } 


Carried Out | Specimens 
Tested 


7 Author of 
Investigation 


Switzerland | | static and fatigue 
Germany 
1951 


Date of publication given where date of investigation not available. Includes 
_ connectors and negative moment sections with prestressed slab, 


with the slab anchored by inclined hooks. The beams were first subjected to = 
several applications of load and then d statically tofailure. Graf’ first 

1 

occurred at very low loads. The next specimen had the top flange grooved © 

transversely in addition to being provided with hooks. The grooves prevented 
slippage’ until shear failure in concrete made them ineffective. In the fourth 
shear connection was provided by a combination of 

_ and two angles, one welded at each end of the beam. 

Re _ Meier-L Leibnitz tested three beams with hooked bars a s shear connectors. : 

In addition, one angle was welded at each end of the loan and, in one beam, — 


vertical tine and angles o on end w were used in the middle third. In two beams — 
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allowable loads” were applied 80 times third point, it, then 
twice that load was applied 100 times and then the loads were increased entil 
a static failure took place. One beam was tested with static loading only. One ‘ 
beam withstood the repeated loading without any noticeable change in the de- i: 
gree of interaction between the beam and the slab; the same beam retained is 
aa complete ¢ composite action up to static ultimate load. In the other beam, the 
a repetitions of load caused a a pronounced decrease in composite action and ‘its 
static ultimate capacity was considerably lower than that of the first beam. 1, 
a 7 The third beam, having shear connection about the Same as the second beam, — 
1 _ developed only a slightly higher static ultimate capacity © than the second beam. 
An investigation | of stiff connectors made v with tees and angles: welded on 
bie end, some combined with hooked bars attached to the connectors, was repented 
4 by Ros in1944(20). The investigation included static tests of 21 push-out spec - 
a imens and two T-beams, and fatigue tests. of four push- “out specimens and 
Ve three T-beams. The static failure of push- -out specimens occurred by crush- - 
‘ ing of concrete under the connectors at computed pressures of about 3.5 times 
4 the prism strength of concrete. The static failure of the T-beams occurred 
by crushing of the slab after the steel beams yielded through their full depth. a 
ie The fatigue specimens, both T-beams and push-outs, failed by cracking at the 


ay The author concluded that the high pressures exerted by the connectors on 
the adjacent concrete were possible because of a triaxial state of stress; that r 
_ full degree of interaction existed in the T-beams until the failure of bond; that < q 
7 T-beams developed their fully-plastic moment capacity; and that 


g concrete | and very good welds are needed when fatigue loading is involved. > 


of the e prism s strength ‘of concrete were recommended for ‘eridges and build- 
The second extensive i investigation of stiff connectors was 
)(35). Graf’ s study, including 22 push-out specimens, 6 T-beams and 3 sets 
of bare connectors, employed stiff connectors combined with bar anchorages 
In the first part of the study, the stiff connectors were primarily square bars = 

welded across the beam | flange; the anchorages: were primarily made 

round bars. the second portion of the investigation, the connectors 
were made primarily from flat bars. All push-out specimens were subjected a 
had static tests to failure. _ The load 1 was intermittently released to spinal ob- & 


crete behind the at pressures canal to between times and 3. 2 
times the cube strength of concrete. _ The specimens with bar connectors fail- ay ts * 
ed ed at higher pressures than | those with | tees on end. . The highest pressures _ a 
J were ‘sustained by connectors made entirely of one continuous flat bar. # The fa 
investigator concluded that the stiff portion of the connector becomes active 4 
immediately at the first application of the load while the _ anchorage loop or ae 
is activated only after some deformation has taken place. Graf observed 
that in the design it is necessary to consider both the capacity and the defor- 
mation characteristics of the connectors. He recommended to design stiff 
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-? la the reportof the second part of the  investigation(35), Gr: Graf | aaieiinn 4 also 
the results of three static tests of bare connectors, and described the ‘plane 
for tests of beams to investigate the effects of fatigue, creep and shoring. | 
Ss Rod( (20) and Graf(32) studied experimentally | the relative performance of 
push- out specimens } with shear connectors at one and more cross-sections of 7 ' 
the steel beam. — Ros placed identical connectors at one, two and three cross 7 
— sections, Graf at one and two cross sections. The capacity and stiffness per 
connector were found to decr ease with | increasing number of cross sections. 
_ obtain data independent of the make-up of the push-out specimens, both _ 
_vestigators made their further studies on “out ‘Specimens 
Similar connectors to. those inv by (31) 
in his tests of two double T- -beams with prestressed slabs. _ The bite sco ll 
‘were welded to plates wider than the beam flange placed in the position before — 
casting the slab » but welded | to the beams only al after the slab has been prestres- 
sed. The beam was tested with static loads to. failure; the slab was located ae: 
the tension flange of the steel beam. Very good interaction between the slab _ 
and the steel beam was observed up to failure, although after tensile cracking = 
the concrete only the slab reinforcement was effective in resisting stresses. 
3 Only a few tests of stiff connectors were carried out in the United States, : 
} mostly for exploratory or comparative purposes. Four push- -out specimens — 
with connectors made of short H-section welded on an angle were made at Le- a 
Rant high Univ ersity(19) as s a part: of the comparative study discussed in connection © 
tests of spiral connectors. Eight small-scale push- out specimens with 
_ channels, angles and tees on end and three full-size push-out Specimens with © 
square bars welded across the flange were tested as a part of an. extensive 
study of flexible connectors at the University of ILlinois(39)(40). ). Finally, four : 
_ small-scale T-beams with angles on end were tested at ry State University of % 
_Towa(42) . Alls specimens were tested with static loads to failure. push- 
out specimens failed by crushing of concrete; bearing pressures in excess of 
Z- times the cylinder strength of concrete were reported for the specimens — 
: - with square bars in spite of the absence of anchorages against separation of | 
the slab. The T-beams failed in shear along the edges of the connectors. __ 
midi Specimens with Flexible Connectors.—While European practice turned to- 
ward stiff connectors combined with hooks, -American engineers showed pre- | 
ference for flexible connectors requiring less fabrication. experimental 
_ investigations included flexible connectors made from rolled shapes, the ma-_ 
Z jority of tests being made with channels, and on flexible stud connectors. The > 
yee oy channels had one flange welded to the beam; the other provided — 
against lifting of the slab. The tests. of flexible ‘connectors are 
a Flexible connectors were used ona few T- -beams in tests reported ‘daa. 
: Batho, S. D Lash, and R. H. H. Kirkham, in 1939(16), Manning(23), F. i 
hardt(34), and Meier- Leibnitz(17) although none of these tests were directed 
toward studies of flexible connectors. The English tests(16) included angles, 
Canadian n tests(23) it included I-sections and the German(17)(34) tests 
cluded angles and plates a as an addition to hooks. én 
Sa out tests of flexible connectors were first reported in 1943(19). — 
ried out at Lehigh University, they included channel and connectors; the 


teste are in the discussion of spiral connectors. 
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‘Two investigations of channel shear connectors were carried 
Ea at the University of Illinois, in the 1940’s. The first study(39) included sta- . 
7 tic tests of 64 push- out specimens, static tests of three T-beams, and fatigue 
tests o of 85 -T-beams. _ The T-beams and a majority of the push-out 
were made with flexible channel connectors; other | push out ‘specimens had 
stiff connectors made from rolled shapes and flexible connectors made from ay a 


straight and bent plates. All specimens were small- scale models. _ The sec- 
ond study(40) included four T- beams and 43 push-out specimens. The T- beams 
+ and 39 push-out specimens had flexible channel connectors; flexible plate con- 
nectors were used in one and rigid square bar connectors in three push- ont a 
at of the ‘beams were built with a temporary su support at 
TABLE 4- —SPECIMENS WITH FLEXIBLE CONNECTORS 
Carried Out In Specimens 
Tested 


| Author of Countr 


TT-beams 


Batho, et 
‘Morrison, et al. 1940 
Lehigh Univ. 1943 

 Siess,etal. —:1942- -48 


static and 


‘static 


static 


Viest USA 1954-57 
Sinclair 1965 
Casillas, et al. “USA 1955-56 

Thirlimann =| : 


etal, =| 1947-50 


and 


a Date of publication given where investigation m not ava 
and plate-reinforced concrete beams, 


during casting and c curing of the slab. All specimens were of full size 
and were tested with static loads. In both studies, all push-out specimens 
were built with connectors placed only at one cross-section of the steel beam. 
Sie was found in the small scale experiments that, from the standpoint of | 
‘3 load-slip characteristics, the rigid shear connectors were superior to the 
_ flexible types. However, the differences were much less than could be ex- 
ae pected from the very large differences in the stiffness of the two types. “‘Fer- 
met thermore, the beam tests have shown that the flexible connectors can — 
an entirely adequate shear connection. Among the ‘several types of flexible 
connectors, the channel with one flange welded to the beam appeared to be su- 7 
perior to the connectors made from bent or straight plates. 
The small- scale composite 1 T-beams tested in fatigue failed in the 
The occurred usually by fracture of the connector on 
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— Hae: through the fillet closest to the beam. The fiteve was progressive, >, be- 


- ginning with the end connectors and progressing toward the load at midspan. — 
However, the overall effects of fatigue failure were not evident until several — 
_ shear connectors had fractured. No evidence was found of an endurance a 3 
= to 10,000,000 cycles . Although provisions were made to prevent the forma a oa 
tion of natural bond in fatigue specimens, ina a few T-beams the bond between Fe 
the slab and the beam was effective during a part or even full duration of the “a 
repeated load test. The fatigue strength of these beams was increased ap- 7 
_ preciably over that of the beams without bond; there was no oe of ‘shear a 
connectors in beams bonded throughout the test. 
_ The small-scale and particularly the full-size tests have sscahiaaann com- ee 
_ posite concrete and steel T-beam a very tough structure with 1 large” reserve — 
strength and ductility beyond the load causing first yielding. Although after 
: = failure of bond some slip between the slab and the I-beam was found an inher - 4 
ent characteristic of composite steel and concrete T-beams, in all but two 
beams the ‘slip \ was so small that, for all practical purposes, , the beams could 
* be considered as having complete interaction. The tests indicated further that — 
even though connectors near the load have yielded, a shear connection compos- _ 
ed of channel connectors developed the fully plastic flexuralcapacity of the T- - 
_ beam as long as the connectors located at the ends of the beam did not yield . | 
before the ultimate load was reached. The fully plastic flexural capacity was 
reached or exceeded in all but two beams. The two beams, one small-scale 
and one full-size, had much weaker shear connections than the other beams; a 
in the full-size beam the connectors began to yield simultaneously with oe 


steel beam. No appreciable difference between the beams built with and with- 


‘The flexible channel connector was | found to act asa flexible a 
major p portion of the total load was transmitted by the flange welded to ‘the a 
‘beam and only a smaller portion was transmitted through the web. Maximum ae 


Senne 5 in the channel connector occurred at the fillet adjacent to the welded — 


same Semi- -empirical formulas, ‘derived ¢ on ‘the basis of the dowel 
concept, related the maximum stress and pressure to connector width, flange 
The tests of push- -out specimens with channel shear 
further that the slips permitted by the connector have arecoverable and a non-— 


recoverable portion. The non-recoverable, or residual slip remained emall < 


until the maximum stress in the channel. ‘connector reached the yield point of 
the steel; beyond this load, the residual slip increased rapidly. 
_ Studies of stud connectors began in 1954. Carried out at the University of © 
at Lehigh University, they included static and fatigue tests 
push- out specimens, fatigue and static tests of one double T-beam, fatigue 
tests of bare studs and static tests of plate-reinforced concrete beams. 
Illinois studies(52)(53)(54)(56) used straight studs with upset head of diame- 
ters ranging from 0.5 in. ‘to 1. 25 in. ; in push- -out specimens with all connec-_ P 
tors placed at one cross section of the steel beam. The Lehigh studies(59) bar. 
(61) used 0.5 in. . diameter bent studs and, to a lesser extent, 0.75 in. diameter 
straight stuc studs with upset head; in ‘push- “out ut specimens, th the Studs were located 
_ The static tests of push- -out ‘dpecimase(6anse) have shown that a steel stud 
is suitable for use as a shear connector and that the behavior of a stud con- 


is similar to that of a flexible | channel connector. The useful capacity 
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be slip. _ For specimens exhibiting gradual change in the rate of residual slip in- “ 
crease, the useful capacity was taken as the load corresponding to the a ie 
bcs slip of 0.003 in. The useful capacity was found to be a function of the diameter - 
and height of the stud and of the strength of concrete. 
the tests of plate-reinforced concrete -beams(53) essentially complete 
i interaction between the steel plate and the concrete topping existed up to loads 
a closely approximating the useful loads determined from the static tests of 
push-out specimens(52). Furthermore , the tests furnished extensive ‘data 
the strength of bond aimee the hot rolled steel plate and the “ove poco 
n slip between the plate and the concrete was observed at bond s'! 
In the first investigation reported by B. Thirlimann(59) two 
beams, one with 0. diameter bent studs and the other with 0. 15 ~in. sub 


tests. ee the static. tests ‘that followed, the beam failed by crushing at a 1 load 
approximately equal to the computed fully plastic capacity. The second inves- _ 
‘tigation reported provided out test data on the fatigue 


a design for 0. 5-in. diameter bent stud connectors. 


concrete beams followed the theories developed for reinforced concrete. 
-_oretical treatments covered both the elastic and the failure conditions. = 

_ After the experimental studies have shown the absence of complete inter- 

action between the concrete slab and the steel section in beams with sischan- 

we ical connectors, “new theories were presented accounting for the slip between of 

: the two elements. _ These latter treatments were limited to the elastic range _ 

Elastic Theories. -—The I First English treatise on the theory of composite 
concrete and steel beams was published by E. S. Andrews in 1912(1). Con- 

a _ sidering flexural stresses only, Andrews presented equations for computa- 
tion of stresses in the steel section and ina rectangular concrete encase- a 
ment. | The equations were based on the theory of transformed section assum 

co ing that concrete was not able to resist tensile stresses. _ ‘The theory — | 

_ the implicit assumptions of straight-line stress distribution and of the absence 

between | the steel section and the c concrete encasement. 
The transformed section theory was compared with tests of composite 
a ‘beams by. MacKay, Gillespie, and Leluau(2). _ In addition to considering the 
5 a conditions after the concrete has cracked, they examined, also, the case Of 
uncracked concrete; both flexural and bond ‘stresses were considered. 
Practically all experimental studies of ‘composite ‘beams have shown that 
the transformed section theory is applicable as long as bond between the a 


and concrete is unbroken. — The tests of beams with mechanical connectors rs 


times the design load. No distress was noted during the fatigue tests; slip __ 
P 
= 
of the theories of the behavior and strength of composite steel and 
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4 proximation even after bond failure if the connection has an appropriately high 

stiffness. The transformed section theory has b been generally accepted f for or de- — 
The tests of composite T-beams with mechanical connectors have shown a 

also that, in the absence of natural bond, some slip between the slab and the 


=. 
4 beam is an inherent characteristic | of such beams; that is, that the interaction 


between the slab and the steel beam is incomplete. “Several elastic oe 
considering the effects of slip on stresses and deflections, were and 


at Stiissi’s solution(24) involves a system of linear ' equations, vr number of 
equations being equal to the number of mechanical connectors. The system is 
= — sumpt with the aid of a finite difference equation based on the following as- 4 g 


-Sumptions (in addition to usual of the of 


_ 1. The magnitude o of | slip permitted by a ‘a shear connector is s directly pro- 
portional to the load transmitted; 


a _ The component elements deflect alike at the locations of the shear ee | 


_ The difference equation is given for two and three element beams made of the - 
‘same material and for two element beams, | with each element made of differ- 
ent material. The difference equation is good for any type of loading. = 

- solution of the system of simultaneous equations gives the feet forces 
In his study of composite timber structures, H. Granholm(26) derived dif- 

ferential equations for beams symmetrical about the horizontal axis ae | 
_of two orthree elements made of the same material. The equation | as basedon ff 


the following assumptions concerning the connection: ‘ 


—_ we 


The shear connection is continuous; ous; ste 


The slip is directly proportional to the ‘shearing stress at “the contact 
The ‘component elements have equal deflections a at every point of contact. 
te ‘The differential equation may be solved for slip and for deflection. Finite ase 
‘ 


(rignometric solutions a are en. The finite eokstten | is presented for the case 


form beam built in at both ends and loaded 
and for a uniformly loaded beam with one end built in and theother end | 
supported. _ Expressions are given for deflection, shearing stress at the junc- 7 
tion between the elements and for slip, 
? In connection with the extensive studies of composite steel and concrete _ 
beams, shear connectors and scale model bridges at the University of Illinois, | s 
_N. M. Newmark(37)(39) derived a differential equation for a beam composed 
of two elements made of different materials. It is a that heen sin 
the shear connection is 
the magnitude of slip is directly to! the transmitted, 
a aed component elements have equal deflections at every point of con- 
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_ The axial force introduced by the shear connection is the unknown of the - dif- ‘ 
- ferential equation. Finite solutions of the axial force, the shearing force at 
the junction of the two elements, slip, strains and deflections are given for 
simply supported beams loaded with a concentrated load. 
cy Ultimate Strength Theories.—The ultimate strength theories for concrete 
and steel composite | beams may be classified into two general categories: 
those based solely on the statical equilibrium of internal forces and those con- 
_ sidering the distribution of strains in addition to the Statical equilibrium of | 
Theories of the type are based on the assumption that at the n maximum 
a flexural capacity each element of the cross section has reached the fully plas- a 


state of The advantage of of theories lies in their 


ening of the steel. _ However, in case of the presence of large slips or if the 
fe of concrete available to resist compression is very small, the fully plas - - 
tic state of stress may not be developed and, thus, the theory ‘may 
A theory of the second type was first proposed by Stiissi(9), who assumed _ 
continuous linear strain distribution through the full depth of the “composite 


- strain relationship from simple tension and compression tests, theories z 
this type are capable to account for the effects of strain hardening and of con-— “a 
crete failures prior to full plasticizing of the steel section. - Furthermore, —_ 


ultimate load(40). However, their basic implying the absence of 
approaches have been used ‘repeatedly(9)( 20)(21)(31)(40)(44)(47)(59), 
_ particularly in connection with experimental investigations. Although several of — 
the methods used differed from those ee in the preceding paragraphs, 
= differences were of minor character. 
_ Deformational Stresses.—The elastic described already) were de- 
veloped for computation of deformations and stresses caused by loads. How- 
_ ever, the differences in temperature characteristics of the steel and concrete 
and the long- -time instability of concrete result in additional deformation and 


stresses. These stresses are similar to those caused by temporary sup- — a. 
"experimental investigations as well as indicate that such stres- 


addition to the experimental already described, ‘several 
theoretical studies were carried out particularly in the last decade. Theo- 
retical investigations of creep and shrinkage were reported by C. P. Siess” 7 = 
ry Frdhlich(25) (30, B. Fritz(29), M. Esslinger(38), K. Kl6ppel(36), W. 
(48) and others. Studies of the effects of temperature were reported by K. 
Hirschfeld(33). A particularly thorough treatment of the subject of deforma-_ 
Bee stresses was presented by K. Sattler(43), and a more recent general dis- — 


ussion of the was R. David and G. 58). 
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ere aimed at determination of the behavior of composite ene at working — 


— 
ae, 
, — 
a ak. 
gince no account is made of the excess strength resulting from strain hard- 
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- loads, of the ultimate | capacity of composite beams and of the deformation ont val 
strength of the connection between the concrete slab and the 
‘Steel beam. The tests have proved that it is feasible to utilize the concrete — 
slab in the pee of main members as a participating element . The data were 
va instrumental in a general adoption of composite steel and concrete beams — 
which is manifested by the existence of several national codes(45)(49)(50)(57). a 
All four of these codes are based on working load conditions utilizing essen- A i 
tially the same allowable stresses as used 4 the design of atest. and r 
_ Perhaps the most significant of the recent iesceioeiail is an increased 
attention given tc to the large reserve capacity beyond first yielding. . The exist- 


“ence of this reserve strength is recognized in the _AASHO 


it can be expected that the current t attention 


to ‘this problem w will lead lead to ultimate load, or design of composite 


ts 


| 


Hooks and stiff 


ef mention are ‘the current attempt tto 


improve the natural bond through the use of epoxy xy resins. A number of ex- = 
ploratory studies are in progress in the United States. If successful, this de- = 
y velopment may lead to the utilization of composite construction in the a 
of light beams for which the currently used methods are often uneconomical. 
Finally, developmental studies and applications are increasing in the field 
of composite prestressed concrete slabs on the tension flange of the steel 
7 _ beams. | Probably the most natural application of this principle > may b be found 
in the negative moment r region of continuous highw ay bridges, where prestress Be 
ing could be beneficial particularly through prevention of tensile cracking and 
_ often accompanying seepage of water. Furthermore, a prestressed concrete _ 
slab acting compositely with the tension flange of steel beams may be used to an 
increase the stiffness of the steel beam at working load. _ This solution may 2, 


_ become important in connection with the use of high- strength steels for ‘rolled 
beams. It may also be used to augment the resilience and the ultimate -capa- 
city in beams to exceptional instantaneous: dynamic loadings. 
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tue 
of 
nuclear power plants is presented. Emphasis is placed onthe structural engi- in 
: neering aspects which | depart from conventional power systems. Stress anal- | 


_yses in reactor pressure vessels with supports under various loading condi- 
as well as temperature gradients are effect of 


The foundation for : electricity was ty | the e split- 
ting of an uranium atom at the Kaiser Wilhelm Institute of Germany, in 1938, 7 : 
and by the first controlled nuclear reactor built at the University of Chicago, ; 
in 1942. Either sponsored by the government or encouraged by the power in- 
dustry, most large countries ae set upan atomic energy organization for the jn 
_ development of nuclear power. In the United States, five nuclear power pro- — 
have been installed for a5- -yr reactor development program. Ten ‘nuclear 
power | projects have been established for the power demonstration reactor pro- _ 
gram. Also, five nuclear power projects have been approved for r private license — 
_ applications and one nuclear power project has been ‘set up for the armed 
- forces. Table 1 shows the outline of these projects. . Simultaneously, significant — 
a 1a efforts have also been recorded in the development of atomic power in England, — 
_ _Note.—Discussion open until November 1, 1960. To extend the closing date one month, a 
a written request must be filed with the Executive Secretary, ASCE, This paper is part — As 
of the copyrighted Journal of the Structural Division, Pr =e American So- 
ciety of Civil Engineers, Vol. 86, No. ST 6, June, 1960. ae ; 
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— TABLE 1,—~NUCLEAR POWER PLANTS IN THE UNITED STATES 
= Sponsor Mecation | Tye |  |Power, | dolla 
— > Lemont, | Boiling Slightly 17 
Bir 
i ; rized | Slightlyen-| 2.0 hee 


, and some countries. Table 2 shows the corresponding 
“projects being carried out by the British and French. After a brief review of 
a these works, | it is obvious that the progress of the nuclear power industry ee 
rapidly accelerating. On the other hand, the conventional power plants will find 
their ultimate in capacity and fuelsupply. It can be expected that the develop- if 
ment of the nuclear power plants will attain its full oreg & in| the hear ‘future. 


pet erase safety, supply channels for the passage of the heat transfer medium, 
ete . Besides, if the plant site is located in an active earthquake zone, , the most | 
ey probable seismic force tobe used i in the design of the reactor andother special _ 
structures also presents an interesting problem. These structural features | ‘- 
be after a the conventional and nuclear pow 


7 COMPARISON OF CONVENTIONAL AND oe POWER PLANTS 
The ‘difference between | a conventional and a a nuclear power plant may 
briefly outlined as follows: (a) infuel—coal versus uranium, (b) in 
furnace \ versus reactor, and (c) in reaction— —chemical versus nuclear. Fig. = 
shows a schematic view of each type of power plant. Pa Rae 
_ Ina steam plant, burning of coalin a furnace produces heat which is deliv- oe 
ered to the boiler to generate ‘Steam for the turbo- generator where mechanical 
energy is changed to electrical energy (Fig. 2). _ Whereas ina a nuclear p ‘plant, as. 
_ conveyed to the heat exchanger through a cooling system. The heat exchanger a 
_ then generates steam for the production ofelectricity. Fig. 3 shows the general 


_ layout of the Calder Hall Nuclear Power Station, 2” ae 


The burning of fuel is a chemical reaction which involves changes in ar- 
44 


ingement of electrons of atoms or molecules. This change is very small, only 
= -third of a billionth of coal mass converts to heat or 1 Ib eden _ concn 

of atoms is a nuclear reaction which involves changes in arrange- 

ment of neutrons, protons, electrons of atoms as well. As a 

a part of the mass is missing that actually changes to a tremendous amount — 


of energy according | to Einstein’ tics: 


=9x 10 
in which E E is energy, inergs, and Mis mass, ingrams. 
‘For example, 3 when anU- -235 atom captures a neutron to split to Zr-90 and © 
_Nd- 144, it can be shown that the energy released is approximately 182mev, a 
Assuming 10% efficiency, should 1 lbof U-335 be fissioned, the energy released — 
would be about 248,000 x 13,000 Btu, which is approximately 250, 000 ine 4 
= than that produced by burning 1 lb of coal. ef rae ed PE 7 
If one neutron from the first fission be captured by another uranium sy, a 
the process can continue in a chain reaction. This reaction, however, will 
3 “Introduction to Muslesr eee ” by ee Fohnman, University of Colorado, 
1953. 
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a 
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turalengineers. The major problems are created primarily from radioactivity 
heat transfer. Other problems are the planning of structures to accommo- 
date the new facilities and special equipment, and finding appropriate materials 
— 
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1a level if it is ‘not t adjusted toa condition by rods, 
a natural uranium is used, which contains 99.3% of U-238 and 0.7%of U-235, 
F a chain reaction can be established only by adding a moderator to the fuel mix- 
i. ture to slow down the fast neutrons to thermal speed, wah that the neutrons a 
more chance to hit and capture the uranium atoms. 
fission products themselves are highly unstable and ‘tedicactive— 
particles and energy ‘until itil they evolve into their ‘Stable forms as in 


Sas 


it Ih order to protect people from the harmful radiations of this fission p pro- 7 
_ cess, some sort of shielding is required. In the meantime, due to the > fact th that | . 
all kinds of heat flows, including the heat generation from Gammas, various — 
thermal stresses are introducedin the shielding and reactor structures. These 
are th the important ‘Subjects | for engineers. attention will be 


General Considerations. — For the "purpose se of an design 
a a reactor pressure vessel, it is necessary to bantnngegrres the stress distri- 
_ bution in the structure as thoroughly : as possible. Due to the simultaneous ac- 
a tion of baad To , Static loads, and eventual dynamic forces, however, the = 


/ as ‘isothermal and thermo-elastic phenomena. It is implied that the structure 
sf ‘is functioning in the elastic limit within the range of temperatures at which the | 
ae For a given distribution aint load and temperature, the main factors affecting : 

the stress pattern are the geometry of the vessel and its support; type of cool- — 
_ and its inlet and outlet connections to the vessel; type of vessel supports; * 


_and type of ventilation and insulation of the reactor. For the sake of simplicity, 


. That is, the combined force and heat inputs can be treated separately _ 


an idealized structure is used for the analyses to be discussed, » with t the er 


1. 


and cylinders. 


a 
a 
4 
= 
— 
— _ Structural engineer is confronted not only with a problem ofelasticity, but also — — 
one of thermodynamics. Fortunately, the interaction between the elastic defor- 
matio d the heat transfer in the probleme wnder consid are 
— 
— 
— 
— 
— 
ef! 


R POWER PLANT 


2. The reactor pressure vessel is supported w cylindrical skirts. 
The reactor is gas cooled and the weight of coolant is negligible. 
4. ‘The local stresses due to miscellaneous connection and ligament ial 


introduced by the internal pressure are well known, in the subsequent material 

_ only those due to dead load and lateral inertia forces will be considered. og 
cording to the assumptions previously cited, reactor structures ; may be grouped > 
into two categories; namely, spherical vessels and cylindrical vessels with 

hemispherical heads. As far as membrane stresses are concerned, it is further 

_ assumed th that loads such as moderator | core and grid structure are directly 
carried down to the foundation through supporting Skirts. 

Stresses in Spherical Vessels (Fig. 5). Case I—Stresses due to Dead Load. 


and the circumferential stress can be determined 


ie the radius, thickness, a and ‘unit we weight of the shell, respec- 


which a 


tively, 
Stresses Spherical Vessels. Case II—Stresses due to 


Force. — Assuming that the seismic coefficient c is known, the normal stresses 


and Og as well per stress oun he be determined 


-2 +2¢ cos + sin cos 


Stresses in Cylindrical Vessels with Hemispherical Heads (Fig. Case I— 
Stresses due to Dead Loads. —Atu upper edge of 


a 
— 
— 
stress 
— 
= 
— 


= 


Ne 


—SPHERICAL VESSEL 


PLAN 


FIG. 6. —CYLINDRICAL VESSEL | WITH HEMISPHERICAL ALHEADS 
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resses in in Cylindrical Voss 


_acwcos@ 


oh sin? 


Eqs. 4 through 6 can also be used for the evaluation of stresses at the lower 
= _ Discontinuity Stresses .—The bending stresses at the junction Aof the skirts x] 
and spherical vessel due to uniform internal pressure will be analyzed. The 
y same method of approach may be applied for other configurations of vessels. 
it is assumed that the thickness of © the | vessel mas skirt elements is comet 
ne When the difference of the radii of the sphere oni skirts is ‘not ies line i> 
A -A' of the deformed structure (Fig. 7(b)) may be considered to be horizontal. __ 
if and vare Ss modulus and Poisson’! s ratio, then 


— _ 
a 
— 
— 


FIG, 9,—CYLINDER UNDER AXIAL THERMAL 
GRADIENT AND EDGE LOADS 


E 


are the moment and Shear in velement 1 unit: length, ‘the me - 


3 
The moments Mj, and shears are to the ‘unknowns A and @ as 


= For the cylindrical skirts ans 4): ees 


_inturn, may be expressed in known parameters Air Bis Dy, etc. the follow - 
si simultaneous equilibrium equations of joint 7. 


q Bae. 19 through 22 may be solved for and in in terms of A 6 which, 


which aj and hj are the radius and thickness of the element i, respectively. 
if iss the unrestricted horizontal component of disp] 
— 

— ...(20:) 
— 
— 


in any i is given toy 


| 


‘The stresses in the at ‘the junction A due to 
tional and linear thermal gradients along the axis of the bottom skirt will be 
analyzed separately. it is assumed that the temperature inside the vessel | is 
y uniform, and gradients through the thickness as well as along the meridian of é 


the vessel shellare negligiblysmall 
In the subsequent material T; and Tg are the temperatures at points A and 
4 - Bof the bottom skirt, respectively; @ is the rotation of joint A; 89 denotes the — 
: unrestricted rotation at Aof the bottom skirt due to linear or functional thermal : 
a HY gradient; A is the free horizontal thefmal expansion of the vessel, including 
' the > top skirt (AC) due to Ti - To; @ represents the coefficient of thermal ex- 


ms and k; are the film coefficient om thermal conductivity, respec- 
hy. 


a Referring to Fig. 7(a) and 8, it can be shown that the r joment and shear for 
e Si each element at joint A are functions of the rotation 6: = > a 
Fer the Spherical Sections (i = =1, 2) 


My Dy i 


a the Bottom Skirt (i =4)- 
ap cylinder of constant thickness is ational to an axial thermal gradient and 
q a edge loads as shown in a Fig. 9, the basic rts equation for the horizontal _ 


m; 


= Consequently, the 
‘ 
i 
4 
— — 
— 
— 
| 
ra 


be shown that the general solution of Eq. =e is 


The: simultaneous (eas. 34 and 35) yield 


M, = 2 D 


For the Bottom Skirt (i = 4)- Case B— -Linear Thermal Gradient. 
temperature gradient is constant, say 


‘ 


aj * 


- 
- 


~—S 
g 
— 
a 
| 
— Q = - 2a" Dy L co 
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For skirts of equal thickness, Eq. 42 


Seismic Shears.—The main factors alt dynamic response of re- a 
actor structures against earthquake are the damping capacity and the rigidi- me 
ty of the structure. Unfortunately, due to the fact that the available data con 
cerning the recorded ground motions in the active earthquake zones are still ine 
bs meager, structural designers are confronted with a difficult problem of how a ; 
select a forcing function for the dynamic analysis of the type of structures" 
= _under consideration. In the absence ofa practical code, a design criterion has -_ 
he? been proposed which was based on 50% of the recorded acceleration of the 1940 4 
| é, & EL Centro earthquake. 4 The results are shown in Fig. - 10, which give the base + 
Btu shear as functions of the undamped period and fraction of equivalent viscous _ 
critical capacity of the structure. In the case of gas- -cooled 


in which T is the in and A is the horizontal deflec- 
a tion, in inches, at the centroid or modulator core due to the total weight of the 7 a 
reactor structure acting horizontally. Hence, if the approximate damping fac- i 
is known, the maximum probable base ‘shear of the ‘System can be interpo. 


bi “Aseismic Design of Structures by —s Criterion,” by ee W. Tsui, Procee 
No. ST 2, February, 1959, 


= Mj = O at j 
— 
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ba and absorb th the neutrons and gammas to such jan extent that the radiation ouelte 


shield is reduced toa harmless level. In general, the principal factors 
affecting the design of shields are the source of the radiation, the physical 


"quirements as to size and layout of the shield, the attenuating rate of the ma- 


: - terials used, and human tolerance to radiation. In order to design an effective — 
shield, the following ‘procedure is recommended: 


1 - Determination of the intensity and location of radiation sources inside — 
he shield and the level outside the ‘Shield, both when 


Fortiguoke of 4/ ENTRO- 

of critical 


Q 


JL 1/77. 


Ak 


Undemped Period Seconds) 


FIG, G. 10. ACCELERATION SPECTRA FOR DAMPED ED 


. tb) compartment shields for isolation of the reactor from the coc 


and (c) shadow shields for certain locations of unusual aemear Wee | 


3. Lead, iron or steel, aluminum, high density concrete, and water have all 


z . been used as shielding materials. . The proper choice, however, depends on the " 


physical and shielding properties, availability and the cost of the material. 

ae Shield thickness is then determined from the source strength, the ab-— 

contend the ‘material, and the level el of human tolerance. should be 


— 


a 


‘Tune, 
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noted that the contribution of radioactivity from different sources can be ap-- 
proximately computed by considering the sources | asa series of points, lines, 


Stress Problems .—Heat transfer becomes a vital proble vin nucle- 


1. Since the neutron gamma radiations are | not distributed, 
_ the accompanying heat distribution is non-uniform both inthe reactor core and 
a in the structure. The temperature of the shield is also increased as a result 
of the interaction between these radiations and the material of the shield. F 
_ 2. Emergency shut-down or other sudden changes in operating conditions | 
“result in large temperature changes in the shield. 
g gamma a and neutron radiations from a carry almost the 
reactor power, so considerable heat is generated in the shield from this source. 
i In order to provide for the heat transfer properly, two major problems must 
ce be solved. One isto calculate the radiation heating and the » corresponding tem- 
; : perature distribution of the shield. The other is the determination of thermal — 
ye ‘stresses in the shield due to this heat input. oe 
The general heat e is 


in which Kis the conductivity, ‘T ‘denotes temperature, t is time,C 
. re specific wed 6 is density, and S denotes the ‘source are nl 


_ 
Be 5: example, for the case of a slab shield with exponentials source 


which is the macroscopic cross section or sbeorption t 
material and So. is the total heat incide 1 the surface. 


= “Radiation Shielding,” by B. T. Price, C. C. Horton and K. T. Spinney, i E 


“Reactor by Hill | Book Co. inc, 
New York, 1956. 
“Introduction to 

, New York, 
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The Cj and Co can be solved from the appropriate boundary: con- 
7 _ ditions. — For example, if the temperature at the inside and outside faces of 
shield is zero, then T= 0 for x = 0 and x = wines XQ is the thickness of 
shield 
Eq. 51 yields 


from the that 


When XQ becomes "a5 the following | approximations = be u 


in which Ip is the radiation energy on shield. 
a. Other parameters directly related to the temperature distributions in the . 
shields are heat transfer coefficient for pressure drop in reactor, temperature — 
rise in the center of reflector, cooling requirements after shut-down, etc.8 7 

Rg In case of steady heat flow, thermal stresses arise from two . basic — 

distributions, namely, linear ‘and functional. 

. For linear temperature distribution, the thermal moment required to ave 


in which E I is the flexural rigidity of the member, a AT denotes e the thermal : 
expansion, and xg is the structure thickness. iat 

‘The moment distribution method can be used to solve the thermal problems : 
in rigid frames. First, apply Eq. 59 tofind the fixedend moments correspond- _ 
to average temperature difference. Then, distribute the unbalanced 
joint moments until a condition of equilibrium is established. 


> 


Pe “Research Reactors,” adi U. S. Atomic _EnergyCommission, McGraw-Hill Book Co., 


— 
ma 
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a non- distribution, a moment- analogy, 
as H. S. Davis, may be applied, since the differential equations 


3 


i i These factors are related to the properties of the. shield materials at high tem-— 
strain rate, deflection, stress concentration, corrosion and the ge- 


10 
OTHER STRUCTURAL 
Reactor tia —To pr prevent damage and casualty due to failure of tthe 
reactor or leakage in the coolant circuit, there has been some endeavor made 
to ventilate the contaminated atmosphere through filters or absorbers such | as 
_ in the Oak Ridge air cooled X-10 pile and in the Brookhaven National Labora- 
tory air cooled research reactor. However, a containment must enclose these 


_ two parts or portions thereof. The accidental ‘gases and 1 ‘radioactive 


The most 


en _ Various factors are involved in the design of the containment. 
q 


Gas volume, under ‘normal or when 


Air locks for equipment and personnelh = 
r 5. 5. The siz size, ‘Shape, foundations and structural supports for the containment. of 
Some examples of poeeeneansion and their characteristics have been listed ™ 
_by C. Robert McCullough.!1 Items including design pressure, radius, 
volume dimensions, and leakage are also mentioned. 
; __ Drainage. —Drainage is an important item in the design of any power plant. 
_ Itsafeguards foundations; controls and removes both surface and ground water; me 8, 
_and disposes of fuel wastes. Because radioactive rays are present ir in the wasted — a 
i .# ‘materials, the drainage system | of a nuclear power plant has its special prob- ; 
; lems. These wastes are dangerous as soon as they come out from the reactor 
“Thermal Considerations in the Design of Concrete Structure for Shielding Atomic 
Power Plants,” by H. S. Davis, A.I. Ch. E.,1958. 
10 “Thermal Stresses,” by B. E. Gatewood, McGraw-Hill Book Co Inc., New York, 


11 “The Experience in the U. S. with Reactor Qperetion and 


C. Robert MeCullough, ‘Table IV. 
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. ae of with extreme caution. In some cases, low- -point outlets have been eliminated 
4 from reactor vessels and fuel-element storage tanks in order to prevent acci- 
E>, Deflection and Vibration Problems.—There are two major : vibration prob- 
lems in a power plant, namely, the forced vibration of the turbo- -generator 
pedestal and induced vibration of stack due to steady wind. In order to keep 
the structure stable, resonant vibration should be avoided. =” 
& Since the pedestal is basically a space frame subjected to both static and 
dynamic loads in three dimensions, most of these loads are acting eccentrically 
- with respect to the center line of the structural members. Accurate analysis - 
ss quite involved and tedious. A practical approach is to consider the structure | - 
as two-dimensional bents in both longitudinal and transverse directions and 7 
7 analyze each of them separately. A recommendation has been made that the 


maximum deflection for Oe. main members tobe limited to 0. 02 in. _ Ordinarily, .. 


It has been pocorn ‘that ‘the natural frequency of the parts and of the as- 
sembly as a whole should not fall in the range between one-half to two times © 
the forcing frequency. _ The 1e German Bureau ¢ of Standards recommended in 1954, 
that the difference between the two frequencies should not be less than 20%. 
For a simple beam with mass assumed a at are center, the funda- bs, 


in which f is: the natural frequency in r revolutions per minute, and Dis the max-— 
In practice, the turbine pedestal should be isolated from other structures. ye 
‘Thin slabs, thin walls, cantilever brackets and free- “Standing columns 
if _ Resonant vibration of | stacks can be induced by a steady wind if the von _ 
Karman vortex frequency of the stream is equal to the natural —e of il 


structure. The forme: former be be approximately computed 


in which fis the vortex. inion in cycles per second, V denotes wind veloci- 
ty, in feet per second, D is the stack diameter, in feet, and S represents the 
‘The fundamental _ bending tormuia unlined stack be roughly 
f = =D, 040 t + 


“ALC OA Structural Handbook,” Aluminum Comp Pennsyly vania, 
a 13 “The Vibration of Steel Stacks,” by W. L. Dickey and G.S. W: 


— 
| 
_ quency of the member higher than that of the operating frequency of the 
ator. However, a very careful study must be made in each particular case. 
J 
— 
— 
— | 
— 
— 
— 
| 
> — 
— a 
— 
— 
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in which t is the of stack, in inches, 
While the or the frequency of the stack vibrating a asa 


Unfortunately, there is a wide variation in wind velocity ; in each locality, 
and the selection of the critical velocity becomes problem for the experienced 
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AND ARCH BRIDGES 


Georg WAstlund, J M. IABSE 
4 


‘This paper ¥ was the basis for an oral presentation at the Joint ASCE-IABSE 


Meeting at the New York Conv ention, October, 1958. All Joint Meeting papers 
- published in Proceedings sd in Civil —- will be reprinted in one vol- 


an ~~ The « ects of compressed steel members (columns) is examined. Attention a 

_ is given to the stability of bridge arches in vertical planes, 3, and to the lateral — 


+ of bridge arches braced with transverse struts. . For each kind of — 


buckling, a a method is given for etormtsing, the critical load and the increment 


A trend of development in the field of is toward n more 
slender structures and the use of rolled sections instead of built up members. ‘as 


= Note,—Discussion open until November 1, 1960, Separate discussions should be sub- 
« mitted for the individual papers in this symposium, - To extend the closing date oot 
= month, a written request must be filed with the Executive Secretary, ASCE. This paper — 
is part of the copyrighted Journal of the Structural Division, Proceedings of the Amer i- 
can Society of Civil Engineers, Vol. 86, No. ST 6, June, 1960. 


as Prof. of Structural Engrg. and Bridge Bldg., Royal Inst. of “‘Tech., Stockholm, Sweden. 


STABILITY PROBLEMS QF COMPRESSED STEEL MEMBERS 
— 
tmz 
| 
— 
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of a . slim deck | arch bridge is the West Bridge, ‘Stockholm, Sweden, pore in 
oa 1934. It has a maximum ‘span of 680 ft. Another example is the Rainbow Bridge, 

; x Niagara Falls, New York, constructed in 1941. This bridge has a spanof 950 ft. 
a A type of bridge that is | common in Sweden is characterized by the use of 
bowstring girders. This type is illustrated in Fig. 1. The roadway i is situated © 

below the 520-ft ome arches, and the hangers are As is seen in Fig 2, 


- roadway is s suspended or on inclined hangers. “or use of such slender arches is ad 
made possible by the relatively great stiffness of the ties and the structural 
_ cooperation of the arch and the tie. _ In order to increase further the rigidity 


the ina lateral use is made of as shown 


mi 
FIG, 1 1. 
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COMPRESSED STEEL MEMBERS 


In 1946, Aas- ore: made a proposal that all compressed members 


= should be designed on the assumption of combined compression and bending. 


“2 2 “Buckling of Compressed Steel Members,” by Georg Wastlund and Sven G. Berg- 
rom, Stockholm, 1949. (Placed on file in the ASCE library, New York. oa” 
_ 3 On Vertical Stability of Bridge Arches,” by Sven G. Bergstr$m, Doctoral Thesis ee 
- Stockholm, 1951. In Swedish, (Placed on file in the ASCE library, New York.) os cre ha 
4*ULateral Stability of Bridge Arches Braced with Transverse Bars,” by Lars’ Ost-— 
lund, Doctoral Thesis, Stockholm, 1954, (Placed on file in the ASCE library, New York. 
_ 5 “Knekkfor skrifter for soyler,” by A. Aas- Jakobsen, (Standard Speci ifications for De-— 
sign of Columns in Buckling), Teknisk Ukeblad No. 4, Oslo, (1946. 


— 

= 

roblems relating to such arches will be dealt with inthe 

following pages. To begin with, however, analogous problems in the design 

compressed members will be discussed briefly. 

—STEEL ARCH BRIDGE AT SARNASJON, SWEDEN. 

Th discussion is based principally on three publications2,3,4 

-_ which have been issued from the Divisionof Structural Engineeringand Bridge = #7 
™ Building, Royal Institute of Technology, Stockholm, Sweden. For this reason, — _— 

— 

_ 
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_ STABILITY P PROBLEMS 
ntentional centricity, the member is designed for an assumed nd 
centricity es, and in the case of combined compression and bending, for a 
oment that is equal to the actual moment plus a moment that is caused by an 
assumed eccentricity e@s. The magnitude of the latter eccentricity depends — 
upon the value of the actual known moment. Based on this proposal, a continu- aan) 
ous transition is obtained from the case of intentional central compression to — 
combined compression and d bending. — Consequently, the same factor of safety 
can be used in both cases. ot method eliminates the difficul- 


re 


4 


PIG, 2. —LATERAL ‘BRACING OF ‘THE BRIDGE AT SARNASJON. 


if, in the case shown in Fig. 4, the deflection du q alone is = then the 


+). 

yD’ Np is ‘nt buckling load at elastic buckling, and v is 


d shape | as the deflection curve in buckling, then the approximate bee es oe 
In the case in Fig. 4, the moment ‘Meas. cross section 
= 


— 
— 
— 
— 
— 


in which the deflection is taken into account. The term N 7 in the right- -hand Pe 


_ member of Eq. 2 represents the additional | moment or the moment increment 
AM caused by the axial load; | is 


a is defined as coe 


given by 


i ae. the ca oane in which a a member is loaded 7 only and has an initial 


of of es, then by analogy 
From a safety point of view, considering that the extreme fiber stress increas- ie 
a oom more rapidly than the load q and N, as in Fig. 4, the coefficient of oneal 


P in moment @ should be calculated on the basis of a value of N, “that is s times 


as great as the actual value, s being the factor of safety in pure bending and a 


iii: 
— 
— 
d 
of increase in the moment ancis a 
> 


shich hy has an as- 


sumed initial of. ig’ is | given 


Mmax. “Nes (1+ 


If the two preceding cases, that is, (1) combined compression and bending iu 


and (2) an assumed initial eccentricity | es, are in n effect simultaneously, then 


| is mentioned as as an example and seems to be reasonable. For cases in which 

a highaccuracy inconstructionis required, it een justifiable to use 


value of eg, for example, eg = L/ /800. 
BUCKLING OF BRIDGE ARCHES IN VERTICAL DIRECTION 


Definition of Problem.—The problem of buckling of bridge arches in a verti- 


a lower 


3 cal direction is in of TER, since 


i = FIG, 4.—NOTATIONS FOR COMBINED COMPRESSION A} 


the arch is subjected to an axial compression is probably never comaheniy 


- fulfilled in practice. On the other hand, this problem is of primary importance 
in the calculation of the additional moment to whichan arch is subjected under 

@ loads when the deflections of the arch are appreciable and need be taken a 
‘account. _ The problem of pure buckling can then be regarded as a part of the © 
moment increment problem, which is important from a practical point of view. ps 


40 


e 


_ Buckling of an arch can be symmetrical or antisymmetrical. The numbers ~ 

of half waves formed by buckling in each case can be different. * In this con- 

- nection, two factors are of interest: (1) The critical load, , that is, the buckling © 

load, and (2) the e shape | of the deflection curve in buckling and the » associated wy 

- The critical load for an arch that is subjected to bending in a vertical plane 
is given by the eigenvalue | (characteristic value) //in the expression 


— ‘ST STABILITY PROBLEMS 
— 
4 g 
wit: 
— . 
— 
— 
= 
— 


Tame, 


buckling o or r characteristic function. 
Magnitude of Eigenvalue.—This has beendealtwithby manyauthors. 
“The various authors have found that an essential requirement in deducing =a 
differential equations of buckling i is to take account of not rs the vertical defor - <_ 


y 


2 
‘FIG. 5. BUCKLING aa A FIXED ARCH 

Aas-Jakobsen® and Bergstrom3 considered arches with constant values of 

I 1 and with different variations in the moments of inertia . Some results ob- 
tained by these authors are summarized in Table 1. The results are for dif- b 
_ ferent variations in I and are in the form of | approximately valid, - explicit ex- - 


6 “Tilleggsmomenter og knekksikkerhet ‘for en roe? bue med variabelt — 


moment, ” by A. Aas-Jakobsen, Betong, 1943, H. 3. 
7 “Zur Berechnung der Knickbelastung von by J. Die Ba- 


“Aktuelle baustatische Probleme der Konstruktions -prax axis,” by F. Schweiz, 


119 and 132,000 
» 


hich Hyp is the hori force in buckling, and 

& 
q 
* 

— 

ence ne horizontal mationon antisymmetr 1Cal DUCKLING 1s Gemonstrated 
a a in Fig. 5 for a parabolic arch fixed at the abutments (from Bergstrom§,7,8), — 

— 

ll 

— 

4 


€ Variations: in 


type: 


Form of Buckli <ling 


for Eigenvalue 


Beyer 


Antisy mmetrical 


we: 


Symmetr 


Antisymmetrical 12) “14+ 


for eigenvalues. In each case, “the arch is 1 an 


the abutments. The notations of Table 1 are explained in Fig. ‘aa ia a - 
7 For a parabolic arch with both ends hinged, the critical load for buckling in in be 


- the plane of the arch is given by the eigenvalue / i in the expression le: 


buckling, and for different variations in I. The forms of buckling are aetna = 
trical and antisymmetrical. 


and antisymmetrical. a 


and the corresponding values 9 9.87 and 8, respectively, of Table 2c can b bewsed 


9 “Buebruers tilleggsmomenter,” by AL Aas -Jakobsen, of Moments 
Arches), Betong, Stockholm, 1952, p. 


— TABLE — 
1+ 0.9 (£2/L 
— 
— 
— (io) 
— 
| 
— 
™ 


or arches: having any arbitrary variation in the moment tof inertia, provided 
, of Eq. 19 is in in accordance with 


in which ly to are values of Ix cos dy at the sections s = 0. 25b, —0.50b- 
0. sire respectively, b being half arch length (see Fig. ee Ms 


‘& Model ‘Tests. is of interest to compare the values calculated. 
theory with the results | obtained from model tests. -Bergstr6m made sucha _ 
= comparison by gathering the results in the literature.8,10,11,12 The compari- 


son for a with a constant: Tis summarized in Fig. 


_TABLE 2,—PARABOLIC ARCH W. WITH BOTH ENDS HINGED _ 


|  Antisymmetrical 8 
96 


Antisymmetrical Buckling.—The differential the 


* “Uber die Knicksicherheit vollwandiger Bogen ’ by 
12 «versuche {ber die Knicksicherheit and die Gr 
4 BBgen,” by Kollbr unner, Die Bautechnik, 1936, 186. 


q 
Be 


‘in which N is the axial the. cross- area of the 3 


“Theoretical values 


+ 
de by 


= 
" 
‘ — 


i. 


7.—COMPARISON BETW EEN ‘THEORETICAL AND EXPERIMENTAL 
+ 


notations a are as shown in ‘Fig. 8. 8. From equiibrium, th “the ‘moment at x 


is given by 


; 
My + 8) 


which 


it 
— 
lm 
+++ 
| 


ubstitution of Eqs. 23 to 26 into Eq. (21, and of the relatively 

lenpertnat second term in the right-hand member of Eq. 22, - yields the fol- a 4 


observed that Eqs. 27 and 28 are related to each other through €. In general, so 
— cannot be solved in a closedalgebraic form for arbitrarily assumed vari- Oe 
_ ations inl x: For such variations in 1,» Eqs. 27 and 28 can be solved by suc- 
cessive approximations, for example, by means of Vianello’ 8 method. — In the +. 


~ 


8.—NOTATION YMMETRICAL BUCKLING, 


z on the right side of the equations, and the equations are solved for by nu- 


merical integration. The procedure is repeated once or twice until a sufficient-_ 
ly close agreement is obtained between the assumed and calculated values of 


g n Mass. 204 Nealc. ) and between the assumed and calculated values of iffeen, 


and beanie, Die When the preceding agreement is sufficiently « close, the | factor of 7 
yp - 288. 


J 


lz 
a 
— 
? 
— 
“ 
the buckling value 2 is obtained directly. The statically indeterminate 
™ 6» quantity AV; is determined from the boundary conditions, and hence AMj can Si i: 
4 


for example, Nb = 1.0 at the point = 0. 6 ‘Bergstrém? has published 


"graphs which represent the £1 (x) and fo(x), together with the associ- 
ated moments AMjp, for parabolic arches with fixed ends and for those with — 
2 hinged ends. The graphs are for different variations in the moments of inertia; a 
namely, I, cos $x = = I, and variations of the Kasarnowsky type for arches with 
ends, and Ix cos Ox = Ip fe for arches with ends. A typical example 


7 


om 


9.-ANTISYMMETRICAL BUCKLING F FOR FIXED | PARABOLIC ARCHES, 


a Symmetrical Buckling.—The notations for symmetrical buckling are aie 
salen 10. In this case AH # 0 but AVj = 0, , and Eq. 23 is replaced by os 


— 
= 
— 
il 
— or 02 OF 5 06 O7 O08 o9 10 | 
4 

— 
00102) 04) 06) 08) 
— 
— — 


> 


=~ 


of Eq. 33 into Eq. 21, and of the term in the 

right-hand member of Eq. 22, yields the. following differential equations the 


These equations cs can be solved in the same way as Eqs. 27 and 28 for antisym- 


metrical buckling. results for be in 
the form 
: 
2 ( 


is is obtained for the same value of Np at the 
has ‘published graphs which show the _buckling functions 


FIG. 10, NOTATIONS 1 FOR SYMMETRICAL BUCKLII 
 uaatites AMjp and AHp, for the same kinds of arenes | as those given in the | 
preceding section under “Antisymmetrical Buckling. an typical example of 


E graphs is given in Fig. 11. The example is for the symmetrical buckling >] 


of parabolic arches in which the ends are fixed and L.cos@,=I5- ||| 
_ Instead of choosing vertical and horizontal displacements, the displacements es 


al w and v, which are perpendicular and parallel, respectively, to a tangent of the = g 
“- arch, can be selected for study. The following differential equations then are 


he 


— 
— 
— 
= — 
g 
™ for example, when n, = 1.0 a — 
— 
a 
— 
4 
4 


EF 


in which the notations are as given in Fig. 12. Bergstrom3 has calculated the _ 
function w and the: associated /Statically nad 


210 at the crown 


en 


YMMETRICAL BUCKLING FOR FIXED PARABOLIC 


— 
— —02—— 04 +— 08 
| 
nen at the crown |286|308|296 32.1/30.7) 4 
— 


_ADDITIONA 
s iilneliianed in this field has been conducted for a long time. 
however, should be made of Dischinger** and 
Jakobsen§ for their valuable contributions in this field. 
‘i For the case of loading that is shown in — 13, the tte expression is 


flections is and € and by the changes in the values of the 


—NOTATIONS FOR DISPLACEMENTS PERPENDICULAR 
AND PARALLEL TO _ THE ARCH, 


13. —NOTATIONS FOR AN ARCH SUBJECTED TO EXTERNAL LOADS, 


: — The deflections 7 and & enter into the determinat 
and the statically indeterminate quantities are calculated to take into —— : 


B die Knicksicherheit, die elastische Verformung und 
Der Bauing 1937, H. 


il 

— 
— 
— 
Une ae Ons. in Caiculating onal moments, the 
of the load _ into an antisymmetrical component and a symmetric component does 
— 


lead to any real simplification. The additional moments deg be calculated 
means of the following method, which is due to. Bergstrom. 3 
_ The methodis similar to that employed for compressed members. For this : 
_ reason, let us recall the behavior of a compressed member subjected to com- 4 


_ bined compression and bending (see Fig. 14). The deflection of a compressed — 
_member whichis subjected to anarbitrary transverse loadalone is denoted by 

No* deflection can be expressed as a sum of several deflections which are 

directly related (or aff affine) to to the buckling fur functions Nb2» etc. etc. Therefore, 

‘Then, if is also taken into account, the deflection is 


which the sum term the a rule, only the 
components of the functions, correspond to 


+ 


lateral buckling of a statically indeterminate compressed member and the same = “4 


member subjected to combined compression and bending. - In the case of uel 
n-th form of buckling, two factors appear. . They : are (1) the deflection, 
and (2) the associated moment. If the member is simultaneously submitted to 
axial and transverse loads, the additional AM is given 


= M 


‘The last term in Eq. 46 represents the change | that corre-— 


at 


— 
4 q 
4 
— 

= 
— 
4 


4 nate moments. 
| practical procedure 
is is the first term o of Eq. 46 and is obtained by means 
Obtain an approximate expression for the deflection approxi-— 
mate expression is composed of one or two curves a4 ay Nb1 and ag Nip2 that é are wh 
of the same shapes as the corresponding buckling functions. © _ This is done to 7 
ensure that the agreement between No of item 1 and the approximate expres - ~ 
sion is as close as possible. For this purpose, if only one term, aj Np1> is in- 
ni cluded in the approximate expression, then the value of ay Np is made to agree 
4 with the value of n, at the point where np9 has a minimum. This condition — rs 
yields" the of two terms are included in the expression, then the 


3. Determine the values of v9 two forms of buckling. It is 
eca alle d that and v2 are the factors of buck- 


to the tw two | forms of of buckling. 


ty 


15,—PURE LATERAL BUCKLING OF A STATICALLY | 
_ INDETERMINATE COMPRESSED MEMBEI 
An ana analogous procedure is is used in calculating the additional ‘moments act- 
- ing on arches. _ The calculations for these cases are scarcely more intricate 
Le than for the case of a a beam, although the expression for the additional moment, 
aM, contains a few more terms. Among the latter terms are (1) a term a 
represents the effect of the horizontal displacement §, and (2) terms which 
the effects of several /Statically indeterminate quantities, such as 
4Mibn at the left-hand abutment, AMipn at the r right-hand abutment and AHpn- e. - 


analogy, the is for arches: 


4M; b2, et ete., can obtained from the graphs A 


EE 
4 
— 
— 
i 
| | 
— 
| 
lz 
ae 
ae a _in which the values of a, and ag are the — 
— 
a — 
— 


ne In dtemtenens. caleulations, the s shortening c of anarch due to the normal forc- 
es causes moments which are denoted by My. Furthermore, the deformations 


: These moments have been disregardedin the precedingand cannot be conveni- ~~ 
ently calculated by means of buckling functions. Since the moments in question 
a are not of major importance, — they can instead be computed by means of less 
a accurate methods. Such methods have been evolved by Bergstrom. ec tath 
Initial Eccentricities of Arches. —It can be deemed take into ac- 


one of the for the assumed initial 


A similar value can be assumed yi arches. In the case of an arch, Ly de- 


Design Cross Sections. the additional moments due to the 
- daameniii of the archare taken into ‘account, the stresses in the1 ‘most heavi- 
ly strained cross sections increase at a greater rate than the load. To allow 
for this increase, the coefficient of increase in moment is usually determined aa 
as if the load were > multiplied by a certain safety factor, usually of the order _ 
; of 1.8. In the ‘preceding method, this implies that a value of v is introduced ‘= 


which i: is given by ~~). 


in which Hp is the value of the horizontal thrust for the case of elastic bu buckling, 
and H is the value of this thrust at the actual load. ae 7 ke tae 
_ After the moments and the additional moments have been determined, the | 
cross section is dimensioned. The dimensions of the cross sectionare checked 
for the axial forces and moments in question to ensure that the maximum edge 
ess allow 

stress is less than the allowable value. 

It may be mentioned that the magnitudes of the additional moments are often 
considerable. — For bridges, the magnitudes can be as large as 50% of the mo- 
ments that are computed without taking account of the additional moments. ‘The | 


same can even be said when the cements are based ona high factor of safe- 


in the lateral direction. _ The bridges of these examples comprise two paral- 
del arches - which are connected to each other by means of rigid transverse 

‘members. In the design of these bridges, the buckling i in a lateral direction 

_ was calculated on the assumption that the arches were straightened out in a : 
horizontal plane. This formed plane frames comprising several panels, as 
_ shown in Fig. 16. In such a case, the magnitudes of the normal forces and the 
moments of inertia of the frame members are frequently variable. Buckling: 
can be symmetrical, as in Fig. 16, or antisymmetrical. ‘For: a plane creme, 


to the latter cause give riseto certainadditional momentsinexcessof My. # 
é 
— 
3 
> 
aut 
— 
— 
— 
— 
— 
— 
— 
BUCKLING 
5 


1960 
: 
e of th the critical load is is to make. 14 
Se it may be questioned whether it is justifiable to carry out the design of - a 
an arch bridge in such a simple manner. For example, what errors are in- 
volved in the calculations, and ar are from these calculations 
Ostluna* has advanced : a possibility of answering 
these is based « on the structural action of arch | Sys 


— 


_inw which E E is the modulus of elasticity and Ipp i is t the moment of. inertia at the 
crown of the arch when the arch is subjected to bending in a lateral direction. — 

Signi aves 


ANGLES 1 


n the other parts of the moment of inertiais denoted I,- In 
: is half the span length of the arch and c is a coefficient. Ostlund has calcu- ee 


the ia of mene: factors on the values of c. 


EFFECTS OF RIGIDITIES OF TRANSVERSE BARS 
q 
calculations have confirmed some results obtained from theo- 
ry of the plane frame. In this the critical load is dependant 


14 “Om berakning av ‘av knicksakerheten shoe ramar och Vierendeel -bs balkar, ” 


E pair of arches connected by means of transverse members is shown in Fig.17. ~*~ 7 
If such a system is subjected to buckling in a lateral direction, then it under-| 

goes deform:tions, which give rise to bending moments as well as to torsional 
= moments aciing on the arches and the transverse bars. The buckling 
is expressedas the normal force at the crown of thearch at theinstantof buck- 
4 
* 
= 
ated the values of the cociiicient fora larsenumber ol cases, and hasstudied 

= 


STABILITY PROBLEMS 
in which ir is the flexural rigidity of a transverse bar when the bar is subject- 
ed to bending in the “plane of the frame.” 
ss“ Fig. 18 represents the relationship that is obtained between the coefficient c — 
4 - and the parameter - y for three cases of antisymmetrical buckling for the ex- 
ample shown in the figure. Case 1 designates the values which are obtained if 
"the buckling load is calculated with reference to the plane frame. Case 2 de- — 
notes the values which are obtained if the buckling loadis calculated with refer- > 
ence tothe space system, but the torsional rigidity of the arches is disregarded. 7 
_ Case 3, finally, refers to the values which are similar to those in Case 2, but 
_whichare calculated soas to take ike account of the torsional Baiting of the arches. 


FIG, 17.- —A SCHEMATIC REPRESENTATION OF THE ARCH SPACE SYSTEM, 


one is to be notea, however, that another parameter is of fairly great import- 


ance in determining the critical load of a braced ‘arch; namely, 


in which I, and Ih are the respective principal moments of inertia of the trans - a7 
» eee bars. subjected to bending perpendicular to and in the “ plane of the frame.” 2m 
In the preceding example, mn is ‘constant. My instead of this, y is constant, aie 
_ whereas pis varied and c is plotted as a function of yy, then it can be seen | 
that is an important factor in determining the critical load. This is shown in 7 
_ Fig. 19. Furthermore, Figs. 18 and 19 show that the values of c — 
reference to the space system are lower than the values of c calculated a 
reference to the rectified space system, that is, the plane frame. ange 
As is seen from Fig. 19, if the torsional moment of inertia of the arch is — : 
> disregarded, or if the torsional moment of inertia is very small, then thecriti- _ 
cal loadof the space system (Case 2) is considerably lower than that of the 
_ frame (Case 1). Consequently, the values obtained in the latter case are on the 
ow unsafe side. Observe, however, that Cases 2 and 3 approach each other as the 
b a value of y 1 becomes greater. This implies that a small torsional rigidity of et 
prs the arch (Case 2) can be compensated by a large value of pu. A small torsional 
; a rigidity is usually obtained in arches of open cross section. _ Therefore, | the — 


; 
— 
— — 
— | — 
— 
| 
— 


= rs: 


transverse bars connecting such arches should also have an geese flexural — 

_ rigidity perpendicular to the “plane of the frame.” In Fig. 19, it can tener é 
: that Cases 1 and 2 also ) approach e each other as the value of y u increases. This 


means that the error involved in the design of the system as a plane 


| 
| 
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FIG. 18. —THE c ASA FUNCTION 
af am. oes in ia torsional moment of inertia between closed and open 
cross sections of arches is considerable. _ Therefore, it is eins to ymake 


clear between these two types of cross sections. 


T 
= = 

— 

| | | 
= ill” 

_ _ The load-carrying members of an arch bridge often consist of bowstring «ees 
 &§ : girders. In such a bridge, the ties of the bowstring girders serve at the same i as 


as the ‘main st supporting members deck, and have a rigidity. 


load. of numerical examples have shown that the | criti- 


____|Case 3 


4 

é 


ENT c AS A TIM OF | 


counteract the lateral buckling of the arches as shown in Fig. 20. 
0 O2 0. — 
a «FIG, 19,—THE COEFFICI 5. ~ 


eal loadin symmetrical buckling is to 178% in antisymmetr 
al buckling about 40% greater, than that which is obtained in the absence of | 
A the restraining action due tothe hangers. Moreover, if the buckling is symme- de 
be trical, the hangers also give rise to a change in the form of the buckling de- 7 
; flection cu curve. Instead of one half wave in unrestrained buckling, three half 

waves are obtained in the presence of hangers (see Fig. 21). _ The change in 
ry form of the buckling curve and the restraining effect of the hangers b both con- 


tribute to an increase in the critical load. 
“il In deck bridges, the e forces: are ound a the decks to the arches via 
- columns. If the columns become inclined, as shown in Fig. 22, the arch is sub- 
jected to horizontal components of force which increase the lateral deflections. 


The increase in the lateral deflections results in a decrease in the critical 


i 


re 


No bridge deck 


Unrestrained 


Bridge deck 3k below 
4 


> 


toad. It the and the | bridge deck are together at the crown, 


ay ‘Incalculations of numerical examples, the buckling load for the case of ant 
‘symmetrical buckling was found to be reduced. It was 25% to 40% of the value : 7 
_ which would have been obtained if the horizontal components of force produced © ; 
bythecolumnswereabeent. 
| the connection between the deck and the arches at the crown corresponds 
to complete fixity, then the conditions are improved. As a rule, however, the : & 


— 
— 
| 
= 4 


PLANE FRAMES VERSUS. SPACE 
nm most is acai cases, it seems justifiable to calculate the c eriticnl load 
f a space system on the assumption that the space system is rectified so as | 

to form a plane frame. In any case, if use is made of this method of design, _ 
_ it is advisable to take account of _the unfavorable ‘effect produced by eventual 


_in the Division of Structural Engineering and Bridge Building, ‘Royal Institute — 


of Technology, Stockholm, Sweden. In these tests, three cases of bridge arches 
considered; namely, (a) two free arches withno bridge deck (braced with 
transverse struts), (b) two arches with a bridge deck situated above them, and 
(c) two arches with a bridge deck situated below them. . The critical loads in 
these tests were determined by means of Southwell’s in which the 
4 celerating increase in deflections caused by a load is measured. al. 
a. satisfactory agreement was obtained between the calculated and the ex- 
perimental values of critical loads. . The two of ‘values ares summarized 


Table 3. 7 


ARCHES SUBJECTED FORCES 


as caused by wind, lateral deflections will occur. The lateral deflections 


‘The correctness of the theoretical calculations which have been described a 

| 

 & ___ If two arches connected by transverse struts are subjected tolateral forces _ po 


= we: 
LOADS OBTAINED FROM TESTS AND 


Load at failure} calculated | calculated 
Of arches, in from deflec- critical load, Type 
Test set-up pounds’ {tions,inpounds| i deflection 


Two free 73 


arches, no 

Two free 

arches, deck 
below arches 


‘Same as Test 
No.2 


Two arches © 
laterally fix- 
ed at crowns, 
nodeck 


Arches later- = 


| 


mmetrical 
# can be estimated in the same way as those of a compressed member subjected 7 
: ¥ to combined compression and bending. For example, let No represent the de- 
- flections of the arches when the influence of the axial forces in the arches is 

neglected. final deflections of the can be approximated 


In Eq. 54, No is the axial force that exists at the crown, and Nop is the criti- — 
cal axial force of each arch : at the instant ae et It is recalled that ‘Nob 


3 samme errors in the design of space systems as plane frames, provided | 
_ that the value of v is great. In general, the moments and stresses which are 
caused by lateral forces are of minor eee. A comparatively rough cal- 


4 324 ‘| Antisymmetrical — 
— 
=* 
q 
& fest 
— 


fo forces is usually found to be sufficient. — 


In general, the critical loads of sails can be determined to about the sa same 
degree of certainty as those of columns. Buckling need not pre- 
clude the use of slender arches for bridges. 
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_ STATIC TENSION TESTS OF COMPACT BOLTED JOINTS 
Robert T. Foreman, 1 A.M. ASCE and John L. Rumpf,? ASCE 


2 bolts arranged in compact indicate that 
sign specifications are unduly conservative with respect to the shear strength 


INTRODUCTION 


ts, or 


me basic properties of the parent materials of the high strength bolt and tie 
tural rivet suggested, from the enn: a superiority for the bolt, but, since 
(ls strength not been completely demonstrated by structural 


= = Note.—Discussion open until November 1, 1960. To extend the closing date one q 


- month, a written request must be filed with the Executive Secretary, ASCE. This paper _ 
a is part of the copyrighted Journal of the Structural Division, Proceedings of the Ameri- — 
of Civil Engineers, Vol. 86, No. ST 6, June, 1960. 
1 Research Engr., Bethlehem Steel Co., Bethlehem, Pa., F : 
5 Research Instr., , Fritz Engrg. Lab., Lehigh Univ., Bethlehem, Pa. a Oe 
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— ‘use of high strength 
permits one A325 
i 
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—- 
ie 


, the bolt has continued to be governed by the “one for one” speci- ‘aE 


i. 3 _ Since the initial adoption of the present specifications, consider able infor- 
mation concerning the properties | of the high- strength bolt has been obtained © 
from laboratory tests" at several universities in the United However, 


bolted connections. The research program at Lehigh University, 
: Sa has had as its object—“to study the behavior, under ‘static ten- 
_ sion loads, of large plate joints connected with high strength bolts to ‘ar 
_ mine if fewer bolts may be used than presently required by specification.” 
- The primary interest of the program is an investigation of the | 
q f 
ailure characteristics of bolted joints. 


, ee —The “Large Bolted J Joints Project” « consists of static tension tests. 


of bolted joints using 71/8 in. in., and 1 in. bolts. in- 


vestigations were made with butt joints, -shingle- -type joints, 
_ fabricated from ordinary structural steel and high strength steel, and the “un- 
buttoning” phenomenon of long joints. Eventually, the program the 
a testing of bolted joints at loads in the vicinity of 5000 kips. (aD a shy 
o & This report is concerned with the results of testing butt joints fabricated be 
ue from structural plate and fastened with the previously mentioned sizes of 
A325 bolts arranged in compact patterns. compact pattern, as used in this 
‘Paper, is defined as a bolt group having values of g/d (gage to hole diameter 3 
— ) and p/d (pitch to hole diameter ratios) of approximately 4, and a length | 
In an attempt ‘to illustrate the conservatism of the 1954 specification, the 
- ratio of nominal net tensile stress in the plate to nominal shear stress on the 
_ bolt was chosen as the basic variable of the testing program. In the following © 
discussion, this ratio is written as the quotient, T/S. A decrease in the 
quotient corresponds to a decrease in the shearing areas provided, or an in- 
_ crease in the bolt shear stress. A list of the many possible variables en- 
_ countered in a program of this nature is given in Table 1, with comments con- 
cerning the variables included in this investigation. 
q : all, the testing program included nine compact joints, six using 7/8 in, 
oa" one using 7/8 in. rivets, one using 1 in. bolts, and one using 1 1/8 in. i 
bolts. Being designed to fail at loads in the vicinity of kips | the est 
pecimens would be called full- scale structural joints. es ag oa 


_ Previous Renqaren. —Much work nae been done by other investigators on 


static tension tests of large riveted Jolate. These at 
_ University of California, Berkeley, Calif. wd in connection with the design and 
construction of the San Francisco- Oakland Bay Bridge. . Many of the findings — 


: can be applied to bolted joints as | well as to riveted ones. _ aera 
“Tension Tests of Large Riveted Joints,” by. Davis, G. Woodruff ond HL Davis, 
Transactions, ASCE, Vol, 105, 1940, pp. 1193- 1245. 
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: 
ih 
= 
ia 
investigations woould be prohibitive. However, it is appropriate to men- 
_* sy tion two summaries whose chief similarity, to the tests being described, is - @ 


In March, 1959, Vasarhelyi and others reported® 0 on the static tension 
a i of two large bolted joints. Because | of the capacity « of the testing machine, “ie 
was not possible to rupture these specimens but slip characteristics were de- 


_ termined. Later, smaller joints were cut from the above specimens and these ; 


“in Table 2. . Allof the test specimens were fabricated as — of a butt joint 


Position of toad Axial load only 
‘rature Room temperat 
Type of material 5 ‘ASTM- A7 Steel 
™ butt joint 


All 


3.5/8", an and a 
aw Varied by by y omitting bolts: 


N 


Type of hole 
Hole alignment | 


7 Fastener r type 


ul 


a 


Fastener size 
Tensioning method Impact wrench, Turn- ‘of - ~the- nut me 


Bolt tension by. half turn of nut 


on 
oo 


what might be called 2 a . eniaa lap” joint, consisting of an on or ‘main plate 
made up of two pieces of 18 in. by 1 in. by 7 ft-1 in, steel plate, and two outer 
F or lap pints that were the same size of steel plate. Plate of constant thick- 


— 
&g 
— 
or 
Pattem = ‘Varied by omitting bolts; no staggering 
— — 
a = A 825 bolts and A 141 rivets 
“Effects of Fabrication Techniques on Bolted Joints,” by D.D. Vasarhelyi, S.Y. 
Beane, R. B. Madison, Zung-An Lu and Vasishth, Proceedings, ASCE, Vol. 85, 
ST 3, March, 1959, pp. 71-116. 
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‘The first joints to be ‘tested were those using 7/8 in. fasteners, or the “ «B” - 


ries, as they were designated. _ The first three | of meee > specimens ' were vol 


the 1954 specification value of T/S = 1.00/0.75. On that basis, Joint B1 
- quired thirty bolts for a T/S of 1.00/0.74. A pattern of five longitudinal lines - 
= ata a gage of 3-5/8 in. and six transverse rows at a pitch of 3-1/2 in. was 
7 an as representing common spacings used in detailing practice. _ These 
A “ts dimensions produced a compact bolt group and permitted easy variation of the = 
-T/S ratio without major pattern changes. Values of g/d = 3.87 and p/d = 3.73 
within the range that produces greatest joint efficiencies. 
ss The next two specimens, B2 and B3, were designed to increase the magni- 
tae of of the bolt shear stress by omitting» transverse rows of bolts from the 
- original pattern of Bl. Omitting one transverse 1 row of bolts for Joint B2 pro- 
7 duced a 5-by-5 pattern of twenty-five bolts with a T/S of 1.00/0.89 . Baro: 
ar a second transverse row of bolts produced the 5- by- 4 pattern of twenty ae 
Test results of the first three specimens indicated the need for 
tion on joint behavior at a T/S in the vicinity of 1.00/1.00. Joint B4 was fabri-_ 
te cated at a T/S of 1.00/0.96 by omitting ~ two bolts from the middle row of 
5- -by- 5 pattern similar to that of B2. . This modification of the original close 
pattern suggested the design of B5 which used a still more ' i “open” pattern, but | ™ 
reverted to the same T/S as Joint B3 (1.00/1.11). The bolt arrangement of BS 
consisted of twenty bolts ina 5- pattern having two bolts missing in each 
of the second and fourth rows and one bolt n missing in the middle row. Joint — ee 
B6 was proportioned for the lowest T/S (1.00/1.15), and utilized the most a 
compact pattern; 18 be bolts wanasla 6-by- -3 arrangement which reduced the gage to om 


3 in. (g/d = 3.20) but retained the pitch distance. 

riveted joint was designed as a comparison test specimen. The joint, 


- designated BR2, v was laid out exactly like Joint B2 (T/S = 1. 00/0. .89) so that a 


_ direct comparison of rivet strength to bolt strength might be made at a shear 
stress greater than presently allowed by rivet specifications. = | ine 


: Cay Two test specimens were designed to use larger diameter bolts as a means— 


_ of confirming the results obtained in tests of the joints using 7/8 in. fasteners. 


2 ~ Joint A3 was fabricated with sixteen in. bolts arranged in a compact pattern nA 
of four lines ata gage of 4 = in. (g/d = 4. 4.24) and four 
at a ‘pitch of 4 in. (p/d = = 3.77). This z arrangement a T/s 


00/1. 10. Joint G1 utilized these same gage and pitch dimensions (but — 


g/d= 3. 79, =3. 12 -1 13 in. bolts ina -by-3 pattern for a T/S 


of i. 00/1. gage and distances were in the range of those cur- 
_ rently used in practice, and the corresponding values ~~ and p/d were — 
~ such as to indicate efficient use of the plate material. 


| > 


vet? —The plate use 
STM) A7 structural meek, on) from universal mill the same heat), 
Fe by 1 in. and approximately 72 ft long. _ Two ‘specimens were fabricated id 


in 
J 
each 72 ft plate after a of material (18 in. 
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4 oy: 4 ft) was cut from the middle (Fig. 1). é comparison of actual to nominal | 
_ dimensions of the plate material showed a variation of + 0.5% to - = 2.0% in the ms 
Coupons were machined from the 1 to standard dimensions® hav- 
ing a cross sectional area of approximately 1. Al 5 sq in. at the reduced section 
; over an 8 in. gage length. The specimens were tested in a 120 kip testing ma- -- 
= @€5— chine using the autographic strain recording device to obtain the stress- -strain 
curve to to approximately the beginning of strain JA Across 


Material 


« 


0.2% Offset / 


Yield 
ry 0.180 0.200 0.250 


FIG, 2.—THE STRESS-STRAIN 
FOR PLATE MATERIAL 


‘motion rate of 0. 1 im, per ‘min ees used (ASTM permits 0. 51 in. ies, min fora 
8 in. gage length), while the automatic recorder was in operation, but after 
the recorder was disengaged the rate was increased to approximately 0.3 in. 


per min in order to decrease test time in the "pages range. A typical 


stress- -strain diagram is Fig. 2. 
ae 6 “Standard Methods of Tension Testing of Metallic Materials,” American fam Sstety 
Testing Materials, E8- — 
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_ A summary of material properties is shown in ‘in Table 3. The z average « cou- 


- yield stress is below the mill test value, but is above the minimum ASTM 
value of 33 ksi . Average coupon ultimate stress is ‘approximately equal to the | : 
mill test value and is almost at the average ASTM value of 66 ksi. | Variation — 


obtained mill tests has” been explained by investigations” concerning the 

effect of strain rate on stress levels. Each coupon failure was typical of that 
= addition to ‘the standard coupons, a full size, double plate “ 


the bolted joints ‘since information regarding grip action at high loads, action 
‘a of the seal weld used in the grip region, and load distribution across the plate | 
was obtained. - Elongation was measured over the 17 in. gage length of the re- 
duced section (18 in. width was milled to 16.5 in., producing a “net” section | 
greater than that of any of the bolted joints), and SR-4 strain gages were used = 
to determine the strain distribution across the width of the plate. The materi- 
al properties, | except for reduction in area, —— favorably | with those of 


Coupons 


36. 6 ksi 
ultimate stress 65. 1 ksi gts: ksi 
percent elongation a 26.5% /17 in. 29.7%/8 in 
Data f from the gages indicated uniform gripping» action yt the wedge 
‘Bolts. —The bolts used in these tests were 5- 1/2 ix in. under head for t 
in. 1 in. 6 in. under head for the 1 bolts, and with 


standard length of thread. tempered washers and heavy eavy semi- 
_ finished nuts were used. | The bolts were furnished especially for this project, 
and were made to “approach the lower limit of specification values. , The com- = 


lot and pulled in direct tension in a 300 kip testing machine. All of the bolts — 
‘Satisfied the recommended elastic proof load (EPL) and ultimate load a 
quirements ; specified by ASTM. : The 7/8 in. bolts were closest to the desired | 


minimum strength requirement, being an average 102% of the specified mini- 4 


mum ultimate load, while the 1 in, bolts were 106% and the 1 = in. bolts were — 


114% of their ultimate loads. 
___- In conjunction with the verification of individual bolt properties, data re-- 
“ = load and elongation characteristics of each bolt were ‘recorded. When 


. 3 Five bolts of each size were chosen at random as representative of each ; 


7 “On the Yield Properties of Structural Steel Shapes,” by ’ Tall and R. L. Ketter, 
itz Lab. >. Report No. 220A, 33, Lehigh Univ., November, 
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tented; euch bolt was held at a 4 in. grip, the same length of grip p used: in 1 the | 


bolted that the load-elongation curve obtained by this” 


; tension of the bolts tightened in the large joint specimens. The average direct ; 
tension calibration: curve for shown a as curve of 


Fig Curves for s for the 1 in. and = in, bolts v were similar. 


—. 
| 


a? 


FIG, 3.—BOLT TENSION DST RIBUTION 

tower curve this” same figure | (Fig. 3) 3) is average calibration 
curve for 7/8 in. bolts as obtained for tension induced by impact -torquing of 

the nut. Each of three bolts, chosen at random, was mounted at the 4 in. grip 

in a calibrator and tightened by torquing the nut in angular increments with a 


pneumatic impact wrench. Internal bolt load was measured by the calibrator’s | : 


cell, bolt was measured a special extensometer. 
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bolted joint. This: matter is in detail the s section on bolt ten- 
. _ Tests to determine the basic shear strength of single bolts were conducted 
placing a bolt ina loading jig that produced double shear on the bolt when 
; compressive loading \ was applied. Bolts were ‘mounted in jigs with lubricated 
and non-lubricated faying surfaces, and were tensioned to various degrees of — i 
- internal load. Bolts in the non- -lubricated jigs failed at slightly higher loads = 
indicating that friction carried a ‘small but negligible part of the ultimate an na 
Internal tension had no effect on the value of ultimate shear oe oa aver- - 


in. an 84 k = ‘bolts. 
the 7/8 in. and 1 and 84 ksi for the 1 
Rivets. —The 1 rivets used in in BR2, thec comparison joint, were formed 
from ASTM-A141 structural rivet steel. Standard coupons (0.505-in. diam) bY 
were machined from three rivets chosen at random, and were 


of 


a tested in tension. An average of the three tests showed a static yield level o 

7 ksiandanultimate stress of 54.6 ksi, 
® _ Shear tests of single rivets, shop driven in ‘jigs with mill scale faying sur- be. ae 
faces (similar to the shear tests of the high strength bolts), indicated an aver-_ 


age value of nominal ultimate s shear stress equal to 49.9 ksi. le, ae! ee 


FABRICATION OF TEST JOINTS 


Shop for Bolted Joints.—The four pieces of plate used in the 
_ assembly of each joint were taken from the same rolling. The four corner 
holes of each joint assembly were sub- -drilled and reamed for alignment. All 
remaining holes were drilled through the solid four plies of material while. - 


the deere were held in alignment | by st steel 1 pins in the corner holes. AL holes — 


_ Since the test specimens were 

- actually one ha lf of a butt joint, fill plates were required between the two - 


outer plates in the gripping region. The fill plates were welded ix in 


test and to prevent the falling of loose plate after joint failure. 
end ‘of the inner plates was welded ina similar fashion. . 
were shipped with four temporary machine bolts in the corner holes. 
_ Bolting-Up.—The bolting- -up operation was conducted at Fritz Dacia. Lr 
_ a the fabricator’s field crew using their current field procedure for this type | 
of work, namely, the turn-of-nut” method. Using this method, the amount 
S nut rotation required to produce the desired internal tension depends on the > 
= diameter of the bolt and the grip length. For the bolts used in these joints, the 
rotation was one- half turn f from the “ snug” position. 
tightening joint B3, the standard tightening sequence was slightly 
‘modified so that information regarding the relaxation of fitting-up bolts might 


.. “Installation and Tightening of High Strength Bolts,” by E. F. Ball and J.J. Hg 
Proceedings, ASCE, Vol. 85, No. ST 3, March, 1959, PP. 117- 


The most important information obtained by these two different 
procedures is not that there is a difference in the strength, but that in the re- 
used. both methods produce a relatively “flat” load-elongation curve. a 
a 
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BOLTED JOINTS 


due to the of the bolts. The fitting-up bolts were 

or ¢ touched-up” by attempting to turn the nut of each bolt with the impact 
wrench. The wrench operator decided _by the “ feel” of the wrench impacting > 

_ whether further tightening was necessary. Some bolts nequired as much as an 


additional one- turn while others require ad additional 


_ Measurements of the fitting - up bolts with the bolt extensometer iin a 
relatively small amount of relaxation when the neighboring bolts were 
tightened. The greatest relaxation noted was 0. 0.0014 in. and this corresponded 
to a loss of approximately 4, 400 lbs internal tension based on an average cali- 
bration curve. During the process of “touching-up” the fitting - up bolts, the 
- bolt which had shown the greatest relaxation was one of those given another 
- one-quarter turn, and this additional tightening more than restored the tension 
lost due to relaxation. The average internal bolt tension for all bolts, as de- 
_ termined from the calibration curves, was 
The tightening sequence for the other joints followed the standard field 
_ procedure, differing from that of B3 in that no intermediate measurements of 
_ The elongations of all bolts used in the B-joints are plotted in Fig. 3 in 7 
form of a histogram. From this, and the calibration curves plotted to the 
same abscissa, it is possible to read off the internal tension in each bolt. one 
Shop Procedure for Riveted _Joint.—The fabrication of comparison 
riveted joint, BR2, was carried ‘out at the same time as the fabrication of | 
_ Joints B4, B5, and B6, and in a similar manner. Holes were drilled through 
the four plies of material after the corner holes had been sub-drilled and 
: reamed, and the plates fastened in position with four pins in the corner holes. 


_ The joint was then riveted according to ordinary shop riveting —— pratt 


of test ‘specimens included use 


strain g gages (SR-4) measuring ter the main n lap 


plates, within and outside the bolt pattern; 


slide extensometer for measuring plate elongation | between each 


‘ae 3. dial gages (0.001 in. n.) | for measuring g slip between the main and lap plates 7 


4. dial gages (0.001 in.) for 5 pas total elongation of the joint within 

The instrumentation set-u -up was not identical for all tests, but was gradual- _ 


developed as each completed test yielded additional information. 4 


7 4 be obtained. After a pattern of fitting-up bolts had been selected and tig — ae 
the required half turn, these bolts were measured with the 
i y 7 _ to determine their change in length. The remaining bolts of the pattern were — Bit 
wf 
| 
| 
4 
4 
of the following equip- 
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_ All of the joints were loaded to failure in a 5,000 kip hydraulic testing ma- 
chine, using flat wedge grips to apply the ae _ Fig. 5 shows one of the bolted P 
joints mounted in the machine before testing. No special precautions were 
taken with alignment of the — procedure was as follows: 
1. The specimen was ‘mounted in the test machine, fitted with the 
§ gw and partially enclosed with a protective screen at both iil 


. “no-load” readings of all gages were recorded; 


the specimen was gripped with a load of 100 kips, and “zero” 
“of all gages were recorded 


. 4, load was applied in 100 kip increments until major slip was experienced, | 


5. at major ‘slip, the testing machine would drop load due to | the sudden 

displacement and and then stabilize at the lower value; gages were read after the - 

the 


a load was applied in selected increments until - slip load was again = 
reached, gages being read at each increment; 

load was applied again in 100 kip increments, allowing for stabiliza- 

tion at constant load in the inelastic range; this required about 10 min; _— 


dial gages were removed the working scaffold dismantled when a 


danger point was reached; and strain 


Bolt Tensions .—Values of individual bolt ‘elongations for each of | the 
joints, 3, as) ‘measured after completion of the bolting-up operation, are 
_ along the horizontal scale of the bolt calibration curves of Fig. 3. The dark — 
- blocks represent elongations of fitting-up bolts that are indicated inthe bolt _ 
- patterns by solid circles. _ Although a considerable scatter of elongations is” 
indicated, little difference in the individual values of internal bolt tension is 


at the “flat” portion | of the bolt calibration cut curves. be ‘This s same e characteristic 
“flat” zone was found in calibrating the 1 in. and 1 = in. bolts used in Joints 
A3 ‘and Gl. Since bolt tension was found | to be constant regardless of the scat- i 


ter in measured bolt elongations, an average value of bolt tension was ob- 
tained for each joint by entering the calibration curves with the es 
average bolt elongation. To obtain the total clamping force for a given joint — 

: the value of average bolt tension was multiplied by the number of bolts in the | 

pattern. This procedure produced the quantity that is referred to as “total 
initial clamping force, ” the clamping force that exists before load is is applied 

i The effect of the “human element” upon upon scatter of bolt : elongations may 

7 also be seen in Fig. 3. _ The average elongations for the first three specimens © 
three “Specimens (B4, B5, B6), although there is excellent agreement within 
the two separate groups. _ The difference found in the two groups is cmpiained _ 


are quite different from the average elongations for the last 
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FIG, 4, —INSTRUMENTATION 


- the same bolting crew, while the last three parent were bolted ata later time 


men who operated ‘the and their “feel” of | the ‘snugging 


- remeasured to determine if any ‘change in 1 length had occurred since the time | 
_ of bolting-up. _ No change was noted after more than a ten-month lapse of time 
from the initial bolting - up date. - No apparent loosening of the bolts was — 
during this same period of time. Any large amount of relaxation of the bolts _ 
‘would affect the joint slip characteristics, particularly the “slip coefficient. . 
However, no significant decrease in slip coefficient with lapse of was” 
Joint Behavior Under Test. summary of test results in Table 4. 
During the early stages of each test, the | joints experienced what has been J. 
called minor Slip, characterized bya small decrease of testing machine load a 


gation gages. Major ‘slip occurred at higher load and easily ‘dis- 
_ tinguished by characteristic “bang” accompanied by a sudden 
of inner and equivalent to the 


As additional load increments were “applied after major periodic 
“noises, sounding like a scraping or grating of the plate surfaces and accom-— 
_ panied by ‘decreases of testing machine load of from 5 kip to 10 kip, were 
+ noted. This was believed to be caused by further slipping into Oda bear - 
ing since, due to the artificial condition of dropping load created by the > testing 
machine (in an actual structure the load would remain constant), the speci-— 
¥ mens were not initially forced to slip into full bearing at the major slip load, A) 
but experienced instead a partial slip. The slip region is indicated by the = 
ae dashed lines | of Fig. Ty a typical illustration of the load- -elongation character- 
istics of a bolted joint (B2) and the comparison riveted is 


remaining five failed either 1 single bolt or shearing all bolts. 
Plate failures occurred when the T/S was from 1.00/0.74 to 1. 00/0.96, — 


_ failures were initiated by failure of corner bolts, and ‘consisted of shearing 

off, either at the bolt head end or the nut end, leaving the bolt. shank in the 

hole. © Similar fastener failures have been reported in tests of riveted joints4 

b and in large bolted joints. oe Two tests were stopped after the first corner bolt | 
3 ‘ sheared so that plate and bolt deformations might be ‘examined with — a 

Although a bolt failure resulted when the was in the n of 
q 1.00/1. 10 (See Table “ig the net section tensile stress at ultimate load was — 


be be seen here that all of the fastener failure specimens (except the lied, 


— 


approach or exceed the horizontal line point 1. 00 which 
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7 on ultimate stress. Fig. 8 isa non-dimensional plot of the “efficiency” or =| a 
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4 indicate the level of the 1 minimum stress of 60 ksi specified by 
ASTM-A7. All bolted joints « developed more t than this tensile stress on the net 
Inall tests except that of joint B3 (20 bolts) there was no distinction | 
tween ultimate and rupture loads. In the test of B3, a single ceraee bolt | 
eae off the nut end, , and load dropped off approximately 100 kips. white 
load was being held constant at the lower value, ‘a second corner bolt shear © 
the nut end and load dropped again. 
load was being re-applied the remaining bolts ‘sheared simul- 
before the original failure load could be attained. ‘Fig. 9, , showing 


the sheared bolts of B3, is a typical representation of shear failure for the 
— area a at the th threaded but is at the full ‘shank area. For joints A3 


7/8 in. bolts. It may be seen here that the shearing plane is not through > 


(1 = in, bolts) the commercial length of thread placed. the 
_ thread run out at the shearing plane so that there may have been some re- a 
duced area effect. Values of ultimate shear stress reported in ‘Table 
~ ranged from 70 ksi to 75 ksi, (for bolt failure specimens) based on the nom- 
% inal area. _ The condition of the bolt holes of joint A3, with the bolt ae re- 
moved after their failure, is shown in Fig. 10 
typical plate failure may be seen in Fig. , the ruptured Joint Bl. _No- 
tice the necking of the plate in both directions. Bending of the corner bolts” in 
- an inward direction is also recognizable. The additional transverse force due 
to the Poisson effect of the inelastic portion of the plate is undoubtedly the = 
; cause of premature corner bolt failure. Further evidence of this lateral force 
fon the corner bolts was indicated by the corner hole deformation in plates © - 


x 
&, 


from joints that failed by bolt shear ye? _ The original drilled holes were distorted | : 


= bolts. © "A typical example of this hole distortion is presented in Fig. 12, 


Showing t the > single bolt failure of f Joint BD. . Fig. 13 shows the amount of pene 


one ofthe lap plates, = 


test of the only comparison riveted joint: (BR2, T/S = 1. 00/0. 89) 


_ ~‘manufactured head of the rivets fell from the specimen, but the driven head | 


4 
= remained lodged in one lap plate. oa The net section developed 48.9 ksi as com 


a Eeros joint was similar | to that of the bolted joints. 1 At rupture the | shank = 


pared to 64.6 ksi ‘coupon ‘strength for an‘ “ efficiency’ | (0.76 as shown in Fig. 
8. Ultimate shear stress was 43.3 ksi. ‘This test demonstrates that the pres- 
ent (1960) rivet specifications = 1. 00/0. 75 are not unduly conservative. 
Plate. Strains .—Strain distribution as determined from the data of the SR- 4 
gages and the slide bar extensometer indicated a very good alignment of the co 
3 specimens in the testing machine, and good gripping action. — Results of early 
tests in which SR-4 gages were located across the bolt pattern demonstrated i 
fi that the unit strains did not vary across the joint from edge to edge. Bra = 


Es subsequent tests, gages were eliminated until eventually gages were 
; 


mounted only on the plate edges with check gages spotted within the bolt pat- i 
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FIG. 9,—BOLT FAILURES OF JOINT B3 — 
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FIG, 12.—JOINT S 
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BOLTED JOINTS 


Joint Slip.—The slip of a bolted joint sai eet be of importance, aes } 
ree on thenature of the structure for which the bolted splice is being oe 


and the masner in which t the splice is is assembled. If a relative | movement of q 


sembled in bearing and there will be no stress reversal, then slip is of no 

consequence. i However, since the aforementioned conditions are not applica . 
the to all structures, | a study has been made of the slip characteristics for 
Slip as measured by the dial gages, mounted on the specimen edges (Fig. 4), 
is actually a relative displacement between the main and lap plates. ‘This is 


so because the carro or is due to the combined effect of the ined of all 


“FIG, 13. —JOINT B4 AFTER FAILURE SHOWING SLIP 
* MAIN 


plate surfaces and of elastic _ pee plate strains between each row of | 


‘fasteners. These plate displacements may be classified under two main head- 
; ings; minor slip and major slip. Minor ‘slip is a very small displacement, 

local in nature, and is caused primarily by differences in strains. Major slip 

is a large occurring uniformly throughout the 


“4 total plate displacement for the bolted joints was 0.08 in. that is 
ly the hole | clearance, which for the one riveted joint this measurement was 
_ approximately 0.02 in. For structures in which a joint displacement of the — 

i magnitude reported here n may not not be > allowed, the major eal load becomes of 
wry Major slip loads are presented with other slip data in Table 4. Considering iM 
a the information obtained from Fig. 3 (namely that all bolts were torqued to | 
- approximately the same internal tension) and keeping in mind the eid of 
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- follows. sage the first three joints, the major slip loads were in the ratio at 
ie Because the slip load is dependent on total clamping force, that must de- 
pend on the number of bolts in the joint if each bolt develops the same inter- 
nal tension, it would be expected that B3 slip before 'B2, and B2 slip oo ail 
Bi, because there were 20 bolts in B3, 25 bolts in B2 and 30 bolts in B1. Con- 
sidering Joint B4, that had 23 bolts (three more than B3), it might be oe : 
that the slip load would be slightly higher than that of B3. - However, that was . 
‘not the case. _ This same contradiction is seen in the data of B5 that used the 
identical number of bolts as in B3, but slipped at a much lower load (609 — 
versus 911 kips). The explanation for these differences is suggested bya 
closer examination of the bolt patterns, 
Joints B4 and BS utilized what might be called “ open” patterns, ;, and for that ‘ 


‘slip load than BS that used two more bolts (673 kips \ versus 609 direct 
- comparison of the slip characteristics (slip load, number of bolts) of Joints — 
-A3 and G1 to the B joints discussed previously would be misleading because 
—_— diameter bolts were used. However, acomparison of “ slip coefficients” 
shows that the closed patterns of A3 and G1 developed the same relative re- | 
sistance to slip as the closed patterns of B1, B2, and B3. Converting the 
_major slip loads to nominal shear stress on the bolts (Table 4) shows that the ‘: 4 ; 
lowest shear stress was 25.4 ksi (for “open” pattern of B5), and the average —- 
shear stress was greater than 34.0 ksi for the closed pattern joints. = 4 


_ The riveted joint, BR2, slipped at a load that was approximately 60% of _ 
- that developed by the comparable bolted joint, B2. ‘This: merely points to the aes 
fact that the clamping force of rivets is variable and at best does not approach een 
the clamping force of A325 bolts tightened to one-half turn of the nut. © 7 
‘The “slip coefficient” has been chosen as a means of comparing relative ae ! 
resistance to slip. This number is defined by the | : equation K = P, s/Tj» in which 
K is the slip coefficient, P, is one-half the major slip load (because there are 2 q 
two slip planes in a butt joint), and Tj is the total initial clamping force. The 


ing force which existed utere any load was applied to the joint. This pro- 

_ cedure is similar to that in other investigations, but the misleading t term, co. 
efficient of friction, has been redesignated “slip coefficient.” : 
values of slip coefficient may be calculated depending on which pro- 
cedure of bolt calibration has been followed. For example, using the data of 
4 Joint B3, one value of initial bolt tension may be obtained from each of the > 

= calibration curves shown in Fig. 3. — By entering the direct tension curve (up- eS 
= per curve) with the average bolt elongation (0.0461 in.) a clamping force of — 
48.5 kips per bolt or a total initial clamping force of 970 kips is obtained © 
(48.5 kips per bolt times 20 bolts). _ Similarly, using the torqued calibration S 

curve with the same value of bolt elongation, a clamping of 45.0 kips per 

"bolt or an average total initial ae force of 900 kips is obtained. Pe ‘Major © 
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cerned with ‘slip in bolted coefficient for these tests 


- tion at ultimate load varies according to whether a plate or bolt failure i- _ 
_ Velops and, of course, depends | on the length of the joint. Of more i mportance _ 
the elongation of the joints in the elastic region. 4 
; “s In an effort to ‘develop a technique for predicting elongation within a bolted — 
7 joint of this type, it was decided to determine some “effective” area that, — 
used in the deflection formula, would result in a correct value for total joint ‘i 
- _ elongation within the bolt pattern under elastic loading conditions. _ Area was a a 


comic “formula was solved. in of area and written. in the 


” x wh P/ the slope of the experim 1 curv r- 


made according to the of least squares. The calculated value of 
AP/Ae was then used to determine The ratio A, eff/Agross ranged from 
_ In nocase was the effective area of the bolted specimen less than the gross : 
area of the section. However, the effective area of the riveted joint was con- 7 
aa less than gross area, and was only slightly greater than the actual > - 


net area. Because the only major difference between the bolted joints and the 
riveted joint was the magnitude of the clamping force, it seems reasonable to sea } 


. loaded ii in n axial tension, reasonably accurate seni would be obtained by el 
an effective area equal to the gross area of the main material, providing aa 
major slip does not occur. al Elongations in manner should be 


te The following conclusions are based on “the results of the static —— 


‘tests of the previously described compact, _ butt- type joints, _ fastened with © 


in., 1 in., and A325 bolts, tightened by one- half turn of {the nut 


Tension—Shear Ratio.—The 1954 specification? that calls for a a T/S: ratio 
= 1,00/0.75 is overly conservative for compact bolted joints under static load- — 
ing (Table 4). Plate failures” in the bolted joints at tension-shear ratios of 
Ga 9 “Slip of Joints Under Static Loads,” by R.A. Hechtman, ai ‘R. ‘Young, A. G 
and E. R. Proceedings s, ASCE, (1954. 


Both values are equally valid for expressing resistance to slip. Values of slip 
fficient r rt in e 4 | ha on the first nrocedure (direc 
— 
gies.” 

Joint Elongation.—Fig.6 shows a complete load-elongation curve for 
joint B2 and the comparable riveted joint BR2. The B2 curve is repres@re 
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a -00/0.89 and 1. 00/0.96 suggest a change to equal values of a! 
for tension and shear i in joints of this type. 
_ _ However, examination of the data from joints which failed by shear of bolts 
was at values of T/S from 1.00/1.10 to 1.00/1.15 reveals that in all cases the net — 
“section had developed stresses greater than the minimum ultimate stress of 
Bes 2s 60 ksi. Since minimum strength bolts were used in these tests, a — : 
-'’- ‘shear ratio of 1.00/1.10 would provide a balanced design at ultimate load. 
‘This conclusion is based on bolts for which the shearing plates cut wae : 
shank areas and not through threads. This ratio would correspond to an al q 
Bens shear stress of 22 ksi on the nominal area of the bolts when a tensile 
ma of 20 ksi is allowed on tl the net section of the plate. It is important to 
that none of the bolted s specimens experienced major slip at a nominal 
bolt shear less than 25.4 ksi, this being the value developed we 
tern of Joint BS which is not a recommended configuration. 
Joint Slip.— — The load at which a bolted joint slips into is not only 


but, apparently, is also dependent upon the thatener pattern. Solid patterns 
(that is, no omitted bolts) in which the bolts: were compact group 


_ Solid pattern compact — with dry mill scale faying surfaces and with» 


shear stress of 22 ksi suggested previously. The compact arrangement is 
also desirable from the point of view of least weight of material. The total 

_ plate displacement , or major slip, for a bolted joint with aligned | holes places 

all bolts in bearing simultaneously, and is approximately equal to the hole 

clearance (Fig. +. In large joints such as these there is no correlation be- | 
tween slip and yielding of the net section. 

Joint Elongation.—A bolted joint stressed to the working load produces less 
total elongation than would be predicted for the solidplate material from “ch : 
the joint was fabricated (Fig. 7). ‘The stiffening agent is the high | clamping 
force of the bolts. Estimates of total elongation for compact pattern joints 
(before slip occurs) may be obtained by using an effective stressed area rea equal 


Bolt Tensions .—Internal bolt tensions obtained by the “turn- dhe nut” meth- 


od8 are above the 1954 specification recommended bolt tension, and ; are of 
consistent magnitude, regardless of slight variations in the change of bolt 
length produced by tightening (Fig. 3). In the several months time that elapsed — 
between bolting and testing of the joints, no change in bolt length or apparent — if 
loss of clamping was indicated. i. Loss of tension in fitting-up bolts caused by 
tightening neighboring bolts in the pattern was more than compensated by the 


r Plate Failures —Efficiency. —The three plate failure specimens each hada 


by from 5% to net efficiencies of 105% to 110%. Stated in 
other terms, the maximum tensile stresses developed on the net section ie 

the plate during test were 105% to 110% of the ultimate strength of the i 

lated coupon. This has been observed | by other investigators when values of 

g/d have been favorable. In this case, g/d was 3. 87, (Table 4). nnlalins al pail 
and Rivet Failures — Fastener Efficiency.—In cases for which 
ee was the criterion for failure, a corner bolt was always the first to — ’ 


Average ‘nominal bolt-shear stress at failure: was 72. 5 ksi, or approximately 
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‘June, 1960 
Shearing occurred through full shank area or thru thread. runout but no 


The failure of the riveted joint, BR2, was ashear of all Average ES 
| nominal shear for the rivets of BR2 was 43. 3 ksi, or approximately 87% of 


the | ultimate shear stress found in tests of single | rivets in double shear. 
A list of various ‘ecuie s and symbols as as als in this report is given below 
Ratio of the tensile stress on the net s section of plate to the 
stress on the nominal area of the fasteners. 


g/d: Ratio of gage (transverse spacing) to the a actual diameter of t a 


Ratio of (longitudinal to the actual diameter | of the 


Elastic Proof Load (EPL): : The li limiting load 1 beyond which ermanent 
of the bolt occurs. 


_ Direct Tension L Load- Elongation Curve: ——- of internal bolt tension to 


‘Torqued Load- -Elongation Curve: Relation of internal bolt tension ‘to to bolt. 
th ‘Skidmore-Wilhelm Calibrator: An instrument made up of. a hydraulic load 
i cell and a Bourdon gage which reads directly the amount o f internal bolt | 
tension induced by torquing. Used in the field tocalibrate impact wrenches. — 
- Total Initial Clamping Force: The force obtained by entering ‘the load- = 
elongation bolt calibration curve (Fig. 3) with the average elongation of 


given bolt group, and multiplying the 2 corresponding internal bolt load by 


the number of bolts in that grou 
Sees of Slip: K= =P s/Ti where P, is one-half of the major slip load, 
and T; is the total initial clamping force. Two values of K exist, depending _ 
on which curve of Fig. 3 is used to obtain the clamping force, i oe 7 i 
-up Bolt: A bolt used to draw the plies of “ae into firm - 
contact before the r remaining bolts of the pattern are tightened. 


ug: The expression used to describe the tightness of a bolt before eral "q 


ning th the turn of the nut. “Snug” is indicated by the impact wrench when im- 


7 ES Bolt Tension: (According to 1954 specifications) Fifteen per per 


cent in excess of the minimum | required | tension, — Minimum required ten- 7 


—_— Slip: Very small relative > displaceme inner a and ou outer plates | of 


| 
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BOLTED JOINTS 
“Major Slip: Sudden, large relative displacement of inner and outer plates 
Theoretical Ratio of the area to area of the plate. 


‘Test hielo: Ratio of the maximum stress 0 on the gr gross area of the test 


_ plate to the ultimate stress of the corresponding coupon. _ 
Net Efficiency: Ratio of test efficiency to theoretical efficiency (or, ratio 


of the maximum stress on the net area of the test om to the ultimate — 


stress of the cor Tes ondin coupon). 
tress of the corresponding coupon). 


A 


- Fabrication of the test joints was carried out at the Bethlehem Steel Co. ae 
The tests and results reported | form part of an on 
large bolted joints sponsored, financially, by the Pennsylvania Department of 
and the United — Bureau of Public guided by the: 

_ The authors wish to express their sincere appreciation to Mr. Lynn S. 

- Beedle who is serving as Director of the project; to the members of the ad- 

_ visory sub-committee, (E E. J. Ruble, Chairman) for their helpful criticism; weal 
the fabrication an and erection departments of Bethlehem Steel Company, par-— 
ticularly Messrs. E. F. Ball, K. deVries, and J. J. Higgins for their aid in 


om © Schwartz of the Lebanon Plant of Bethlehem Steel ‘Company for furnishing — > 
ce the bolts; and to Messrs. S. J. Errera, K. R. Harpel, and I. J. Taylor, and é 
their staff at the Fritz for ete work in the test ‘set- 


and instrumentation. 
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NOPSIS 

Design rules are proposed for welded aluminum structures. _ These r rules 
take account of the reduction in strength near the welds in heat-treated or 
strain-hardened material, at the same time taking advantage of the strength of 
the material in the regions not affected by the heat of welding. The proposed > 
Biers: methods are believed to be conservative yet more realistic than pre- a 
viously used design procedures for welded aluminum structures. . The — 
design rules are illustrated by applying m to 


INTRODUCTION 
of the structural aluminum alloys attain their treat- 
ape or Strain hardening. The heat of welding removes part of the effect a 


the prior heat treatment or strain hardening in the vicinity of the weld, caus- 
ing this heat- to be weaker than the unaffected metal. The 


trated by the moat distribution of yield strength shown in Fig. 1. In design- ' 
welded aluminum structur es, th there is the problem of taking 
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bh = EXTENT OF HEAT-AFFECTED 


é q 

RIVETEO JOINTS IN 


jm 


7 HIGH STRENGTH BOLTED 
9, FIGS. 44 AND sat 


04 0s 06 oe 
Sora. PERMANENT ELONGATION, INCH 


‘FIG. 2. —PERMANENT ELONGATION OF WELDED, 
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WELDED ALUMINUM 
of the reduction in 1 strength near the welds while, at nei same time, taking ad- a 
vantage of the : strength of the material in the regions not affected by the heat — 
Specifications for 6061-T6 structures published (1)4 by the American Society _ 
of Civil Engineers” (ASCE) provide that lower allowable ‘stresses be used in 


‘mateo can be used outside the heat-affected zone. The fact that this design 

procedure has proven tobe quite conservative in some cases is not surprising, q 

_ because it was developed at a time when there was relatively little experience | 
with welded aluminum structures. It is especially conservative for some mem- a 
bers under axial load or beams with welds near the extreme fiber, because the 
‘specifications | have the effect of requiring that the stress in the entire member 
not exceed the allowable stress in the heat-affected zone eventhough this zone en 

may cover only a small part of the cross section. Thus, only in certain “nog a 
such as beams with welds located at the neutral axis or at points of low mo- © 
ment, can advantage be taken of the extra strength of the material that is un- 7 

_ This paper presents design rules for welded aluminum structures that are 
believed to be conservative, yet more realistic than those in the specifications . 


cf for 6061- -T6 structures published by ASCE. | The recommendations are based 


_ Although some of the material in this paper would be applicable to all types 
of welding, the welding n methods for which these design rules are specifically = 
intended are the inert- -gas- ‘shielded, tungsten or r consumable- electrode methods. 


: _ ards such as those in the American Society of Mechanical Engineers: (ASME) 
Boiler and Pressure Vessel Code (2). 
The proposed design rules are considered to be applicable to most - types « of 
. welded aluminum alloy structures. They are not, however, applicable to pres- 
sure vessels and are not intended to replace or supersede the ASME Specifica- — a 
tions for boilers and pressure e vessels (3) or the API Specifications for stor-— 
- Throughout the paper, the methods for determining minimum failure and 
we stresses are applied to a specific alloy, y, 5456- -H321, and these strength — 
- values are divided by factors of safety to obtain allowable stresses. ae 
‘= Notation.—The letter symbols adopted for use in this paper are . defined We 
where they first appear, in the illustrations or in the text, and are — 
alphabetically, for convenience of reference, in Appefdix II. Rate. amy 


the purpose of writing design ‘specifications, it v would be desirable to 
have minimum values of strength of welds that could be used with the same de- 
gree of confidence as the minimum values: of the mechanical properties | of the — 
material. e However, more data will be needed before minimum values of weld ? 
strength can be selected with the same degree of precision as is the case with | 


the mechanical properties of the material. 


alloys, tensile strengths across butt welds equivalent to. the strength of an- 
= material are a and this is the basis for the weld qualification 
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* Numerals in parentheses, thus (1), reler to corresponding ‘Wems in the 


est requirements in the ASME B Boiler ot Pressure Vessel Code . Results of ; 
ensile tests of butt welds in the aluminum a alloys have been ‘reported by F.G. 
einen: Jr., and F. H. Howell (5) and by G. O. Hoglund (6). Data for an di 5456 
were recently published in Modern Metals (7). Considering the limited — 
- ence with commercial welding of the new high- strength, strain hardened alum 
- inum alloys, and the fact that welds in structures of the type here considered 
= _ ‘generally receive only visual inspection, it is recommended that for the i 
a ent a weld strength equal to 90% of the strength of annealed material be used as 
the minimum expected weld strength for the purpose of selecting allowable 
; stresses. In determining allowable stresses, this minimum expected weld 
v trent should be divided by the same factor of safety that is applied to the kt a 
ultimate tensile strength of the material in structures without welds. For 
welds stressed longitudinally, the minimum expected strength of the material 7 7 
in the weld bead and immediately adjacent to it should be considered to be the the 
‘same as the minimum expected transverse weld strength. 
' -—.. the case of heat-treatable alloys, the ASME welding qualification test re-- 
, Re quirements are 24,000 psi for 6061-T6 and 17,000 psi for 6063-T5 and -T6. tk 
is recommended that for the present these values alsobe multiplied by 0.90 to 
‘ obtain minimum expected strength values for welds that receive only + visual i in- 
Spection.— _As more experience is gained with welded aluminum structures, it 
be may be possible to increase the recommended design strength values for butt — ; 
ae welds. 1 The 90% factor applies only to the ultimate tensile and shear strengths ~ ae 
of butt welds and not to weld yield strengths or bearing strengths. 
a The yield strength across butt welds made in strain-hardened or heat- — 
_ treated aluminum alloys, as determined at 0.2% permanent set, depends on the 
‘gage length used, with the yield strength increasing with gage length. yield 
_ strength value corresponding to 0.2% offset on a 10- -in. gage length is = 
sidered to be applicable to the design of welded structures. This offset 
sents a permanent deformation across the joint of 0.02 in. As shown in Fig. i. 
permanent sets of this magnitude are commonly encountered in riveted or ; 
bolted joints . loads that cause an average netsection stress equal to the yield — 
= strength (8), (9), (10). The tensile yield strength indicated in Fig. 2 is the 
‘stress at 0. 2% offset on 10- -in. gage length across welded butt joints and ~<a 9 


to tie metal yield strength. Minimum ‘values of the 10-in. 
— length yield strength should be determined on the basis of extensive tests. For 
4 tee present, these values are based on the limited number of available test re- - 


Fillet Welds. —In general, the ‘minimum shear strength of fillet welds has 


not been as well established by tests as hasthe minimum strength of butt welds. 


= Data on shear strength of fillet welds is aluminum alloys shas been reported by i. 


‘fa Nelson and Howell (5) and by Hoglund (6). For the present, it is recommended 


= 


= the minimum shear strength of fillet welds for design purposes be taken | 
as 715% of the average value determined from tests. The minimum expected | 
tensile strength of the material immediately adjacent to the welds should be 
naire to be the same as the minimum expected transverse strength of butt 7 


alloy 5456-H321, the rules of Sections and II-B Fesult in the mini- 
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STRENGTH OF WELDED ‘MEMBERS NOT SUBJECT TO BUCKLING 
R _ Heat-Affected Zone.—The strength of the heat-affected material in the vi- a 
_ Cinity of a weld has a minimum value in a narrow zone in and adjacent t to the 
_ weld, as illustrated in Fig. 1. Outside this: zone, the strength increases until 
it reaches the strength of the unaffected parent metal. The “heat—affected — 4 
zone” isdefined as the region inthe vicinity of a weld in which the heat of weld ps 
reduces the mechanical properties by a ‘significant amount, ‘such as 5%. 


TABLE —BASIC “STRENGTH DATA FOR WEL WE LDED 5456- H321 PLATE 


4 Structures of 5456-H321, ksi 
Parent Material Parent Material ‘Material 4 
Thickness Range - _ Thicknesses, 


Compressive Yield Strength 
Compressive Yield Strength 
Across a Butt Weld 
Strength 
Bearing Yield Strength _ 
Longitudinal Shear _ 
of FilletWelds 
Shear 
of Fillet Welds 


ness range 0.250-1.250 in. For other thickness ranges, the values should be modi- 
fied in accordance with minimum mechanicaé properties for those thickness ranges. 3 

(2) These are expected minimum values of the yield Bs across a butt weld, cor- 
responding to 0.2% offset ona 10-in. gage lengthe 
(3) Shear yield strength is considered to be equal to 0. 577 times the tensile a 

strength across a butt weld, as defined in Note2, 

;: (4) This value is a minimum value for design, taken as 90% of the minimum tensile § 
strength of annealed material (5456-0), 
6) These values are the minimum mechanical properties of 5456- 0, which are iti 

sidered to be representative of the minimum mechanical properties for material ad- . 


 jacent 
6) These values are minimum values for design, taken as 75% of the average strength 
_ values reported on page 180 of reference (13), for 5556 filler wire. = =~ 
» * (7) This value is a minimum for design, taken as 90% of the maaan shear strength of 


7 The heat-affected zone is considered to extend a distance, bp, in all directions — 
; from the axis along the center of a butt weld or the heel of a fillet weld. St. <e ; 
 Reduced- -Strength Zone.—In evaluating the effect of a weld on the strength 


ra of a member, it is convenient to consider a “reduced- ‘strength zone” ” (smaller ma 
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the heat- 
ed members can be obtained by assuming the mechanical properties to be a 
- minimum within this region and equal to the unaffected values outside it. vi The 
extent of the reduced-strength zone is indicated by bry in Fig. 1. Just as for the 
heat- affected zone, the reduced- ~strength zone is considered to extend an equal 
; 
heel of a ‘fillet weld. Values of this distance, br, can be determined from ten- 
_ sile tests of longitudinally welded members or from mechanical property sur- wt 
veys in the vicinity of welds. These values can vary considerably, depending ~ 
the method and procedure, as illustrated by tle data in Figs. 3 and 
_ of the heat- affected zone and extent = 
4 


‘no case was any Sonal effort made to minimize the heat of welding. When the 
r welding procedure is carefully controlled to minimize the heating of the mate- | 
rial in the vicinity of the weld, the extent of the reduced-strength zone may be © 
very small, approaching zero in some cases. _ These small values can be used © 
_ fordesign in cases where they have been well established by hardness surv eys 
or tension tests. However, for general design purposes in cases where it is | 
not practical to determine the actual extent of reduced-strength zone, a value — 7 
of 1- 1/2- -in. can be _ The ‘corresponding value for the exten of heat- 
The reduced-strength area, A, Of a cross section of a welded member or 
ad element is the total area of the cross section that lies within the reduced-_ 
- strength zone for any weld. In some of the formulas of this paper, a distinc- 
ton is made between the reduced-strength area, Ayj, caused by longitudinal — 
f =€5=»- welds that affect an appreciable length of a member, and the reduced - strength 
area, Art, caused by transverse welds or other welds which affect only a lo- 
Examples of reduced-strength areas in typical welded mem- 
In treating columns, it is convenient to consider the “reduced- -strength 
-_ length,” ” Ly. The reduced-strength length for a given weld is that part of the — 
length of the member within a distance, by, of any point onthe axis of the weld. ¥ 
The reduced- -strength lengths for the typical welded members in Fig .5 
listed below the diagrams of the members. 
Ultimate Strength.—The ultimate strength at a given cross section 
«@ a welded member is the weighted average of the tensile strength of the ma- “a 
_ terial inthe reduced-strength area of the cross section and the tensile — 


of the material outside this area. Thus, the tensile strength is 


in which fy is the tensile strength of welded cross section, fyo represents the , 

_ minimum tensile strength of unaffected parent material, fyh denotes minimum > 7 
BS tensile strength in heat-affected zone, _A is the net area of cross section, and _ 
_ Ap the total reduced-strength area of cross section (Ay = Ar] + Art). . Fig. 6 | 
a shows that Eq. 1 agrees well with ultimate strength values measured in tensile | 
rs) tests of 1/2-in. thick plate ‘specimens with longitudinal butt welds. cot 

es Yield Strength.—The procedure used for calculating tensile strength can é 
so be used to calculate the yield parts. or 
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TEMPERS 
-H32,-HIe 4 
-H32,-H34 
~HN2,-H32, -H321,-H34 
oa 
“Notes OPEN SYMBOLS REPRESENT eurr 
IN PLATE ANO SHAPES 
CLOSED SYMBOLS REPRESENT FILLET — 


IN PLATE AND SHAPES 
PARTIALLY CLOSED SYMBOLS REPRESENT 
LONGITUDINAL InN 6 
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NOTES: OPEN SYMBOLS REPRESENT BUTT WELOS — 
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EXTENT OF REDUCED- 
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treatable alloys, yield strength in the vicinity of a weld is 


usually intermediate between the yield strength of the original parent metal 


and that of the fully annealed material and must be determined from test re- a 


7 sults . For transverse or localized welds, me yield strength value that spies 


ey 


ee id FOR Art oF 


LONGITUDINAL ano 
TRANSVERSE 


D MEMBERS. 


rl, 


ae the minimum yield strength across butt welds, corresponding to 0. 2% offset — 


on a 10-in. gage length, and Ar “denotes the reduced- strength area of cross 


section to longitudinal welds. ‘Portions of the cross section within the 


welds in strain-hardened alloys, the yic 
the yield strength in the reduced-strength 
responding to a 0.2 
FIG, 5,-REDUCED STRENGTH AREAS OF TYPICAL WELI 
ope -strength areas due to transverse or localized w 
— 
| 


‘reduced- strength zones for weld and transverse 


values if 
compressive yield Porson  aeamaile, f yh and ae will be the same in tension 

and compression. . Fig. 6 demonstrates that Eq. 2 gives good agreement with 
yield strengths in tensile tests of with 

butt welds = 


per 


OF SAFETY 


election of allowable str involves of we 
ues of mage safety. One is the factor of safety against ultimate a 


‘Fy. The letter is sometimes called the “factor of serviceability.” The limit ; 
‘.- serviceability is generally determined | by permanentd deformations caused dby 
‘The values of y.. ant Fy that should be used in any particular case depend» 
on the type of structure and the service to which it will be subjected. The fol- :. 
lowing recommended values cover many types of structures. 


| fae bridges and other aluminum structures of the type that would be de- 
Signed in steel according to AREA, AASHO, or similar specifications, it is _ 


_ recommended that the e factors” of safety be 1.85 on yielding (Fy) and 2. 20 on 


_ For buildings and other aluminum structures of the type that would be de- | 
mendes in steel according to the AISC | or similar specifications, it is recom- 
‘mented that an factors of safety be 1.65 on n yielding (Fy) and 1.95 on cotinine: 


In some local buckling of portions of a member “may occur with- 
- out seriously affecting the strength of the member, merely causing some wavi- 7 
ness to occur under load and then disappear upon removal of the load. If it is a 
_ desired to prevent this from occurring at t design loads, it | is suggested that at 
factor of appearance, Fa, be used, which should be greater than unity but less — 
¥ than the factor of serviceability, Fy. _ Suggested values of Fg corresponding to 
E the previously suggested sets of safety factors are 1.35 and 1.20, respectively. _ 
In applying the. design rules to alloy 5456-H321 the portions of 


a: 1.85. ” However, since there is a constant ratio between the corresponding 
_ factors of the two sets, allowable stresses based on the lower set of Safety fac- 

tors canbe irom those > given in this paper by multiplying them by 1.22. 


WELDED ALUMINUM 
— 
— 
— 
be, 


; 


— 


— The v: values of he and fy are given by Eqs. 1 and 2, respectively. nee i 

- ‘wee For | cross sections with Ar/A less than 0. 1, the effect of welding on on the 
strength is so slight that it can be and stresses can be 


based on — metal ro erties. 


—— 


NE who 


6,-RESULTS OF 1 TENSION TESTS 


— 


WELDED “ALUMINUM 
the more conservative set ‘of ‘safety factors, Fy = 2.20, Fy = 
ie 85, and applying them to the forms of Eqs. . 1 and 2 derived from Table ® 
Eqs. 3 and 4 for 5456-H321 become: 


Since, for this particular alloy, the attee « equation always gives a lower value 
of allowable stress, the former need not be considered. However, ‘in general, 
~ both formulas must be solved and the lower of the two values used. OA design | 4 
chart giving values of ft determined from the latter equation is shown in Fig. 7. x’ 
4 ‘The numbers on the inclined lines, in Fig. 7, are the allowable stress values.  & 
_ The dotted lines demonstrate how the value of allowable stress for Ar]/A = 0.3 “4 
4 is 14.0 value of t, in Fig. 7, is 0. 250 in. 


— or longitudinal welds extending ‘essentially | the entire of 
: Sane and not containing any additional localized welds, the allowable stress 
should be determined by applying the factor of safety, Fy, to the strength value 
determined from a family of tangent modulus column curves such as that for 
5456-H321 - shown6 in Fig. 8. The particular curve to be used is the one that 
corresponds to the largest value of the ratio Ar/A for any cross section of the 
column. For columns with no welds, Ar/A=0. | 
Columns Containing Transverse or Localized Welds... 
Columns: With Simply Supported Ends (K = 1.0).—For columns with simply 
_ supported or pinned ends, the effect of transverse or localized welds (Fig. 5) 
on the buckling strength can be neglected if no portion of the reduced-strength 
; zone for the transverse or localized welds is more than 0. ates ends of 
the column, where Lis the lengthof the column. = 
If some portions of the reduced-strength zones for transverse « or localized | 
welds are more than 0. 05L from the ends but not more than 0. 10L, a conserv-_ 
ative value of the buckling ‘strength can an be determined from the curves of Fig. o 
by using an “effective” value of Ar/A. The effective value of Ay/A to be used — 
in selecting a curve in Fig. 8is the average of the largest value of Ar/A at at any 
cross section more than 0.1L from an end of the column and the largest value _ 
of Ar/A occurring ina region between 0.05L and 0.10L from eitherend. 
re. If some portions of the reduced- strength zones related to transverse or 
z localized welds are more than 0.1L from the ends of the column, a conserva-— a 


tive value of the buckling strength can be read from Fig. 8 by using an effec- 


» The recommendations in this section for ‘both Tongitudinally and ‘transversely — 


_ 6 The tangent modulus column curves are determined from weighted average com=_ : 

stress-strain curves discussed and ‘Clark (11). any 
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curve for transversely welded columns, _Arl denotes the reduced- 
strength area resulting from longitudinal welds extending over an appreciable 
_ length of the column, Art represents the maximum value of reduced-strength | 
area 0.05L from the ends, and R is the reduction 
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& _ Columns With Restrained Ends (K <1.0) and Cantilever Columns (K > 1. 0). a 


of the section if distances from the e ends of the column in the treat- 
a of simply supported columns are replaced by distances from points of Py 
= contraflexure for the restrained column or cantilever column. ma 
of Transversely Welded Sections.—The effect of a transverse 


= cross section inthe reinforced region should be calculated sitiat th : 


a in which A is the cross- sectional area at enseinfoscet sections, Aa ol 


= 


iid 


— 
— 
— 
— 
© r — 
Lr is the total length of column within reduced-strength zones for 
— 
i 
a 
— — 
— 
— 
— 
— 
— 
he value of 
- are: sed cross section, Th ue 4 
reduced-strength area of the reinforced cr ge 
unreinforced cross section immediately jacent | 
will frequently be the weakest section. 


for a column should be limited to times compressive yield 
strength as well as to 1/Fy times the buckling welded 

—Using the ‘more conservative set ror factors (Fy = 


Design Charts.- 
* 85 and Fy = 2. ae the nae Gane of Figs. 10 and 11 result for welded 
20 applied to Fig. 8, 


the ‘numbers on the inclined lines, in Fig. 11, are allowable stress values. The es 
dotted lines demonstrate how the value of allowable stress for Ar) /A = 0. 
0. 5 is determined as 13.5 ksi. ‘The value of t in Fig. 11, is 0. 

For cross sections with Ar/A less than 0.1, the of welding canbe 

_ neglected and allowable > stresses may be based on the properties of unaffected Binh 

Columns having flanges or webs of such proportions that local buckling may 

"ALLOWABLE STRESSES IN PLATES, LEGS, AND — 

‘The compressive buckling stresses in plates, legs, and webs can ead deter-_ in 
‘mined approximately from a family of buckling curves similar to those used a 
- for columns. 7 The curves for plates differ from those for columns in that the a 4 
column curves are based on tangent modulus values, whereas the plate curves _ aA : 
are based on somewhat higher modulus values, given by the formula (12) one ; 


0.352 
which Ep is the plate buckling, Et denotes the tangent 
modulus, and Eg referstothe secantmodulus, 
; _ Plate buckling curves for 5456-H321 are shown in Fig. 12. | ‘The proper curve 
ft the family to be used in each case is that corresponding to the largest value By 
of Ar/A occurring on any cross section of the plate parallel to a loaded edge 
EE not closer to the edge than 0.05b, where b is the least dimension (either 
— length or width) of the plate. Welded edges should be considered as being sim- 
_ ply supported unless the buckling stress determined by considering the edges ; 


ws 7 It is assumed that the effect of welding on plate buckling is similar to its effect on 
column buckling. This assumption is believed to be conservative. Jue 
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as restrained is in the range. controlled elastic of 
_ heat-affected material in or adjacent to a weld. Fig. 12is in terms of effective + 

4 slenderness ratio, K L/r. The method of determining the proper value of cies 

alent slenderness ratioto use is indicated elsewhere(13a). Rectangular plates q 
that are unsupported along their unloaded edges should be considered as columns 
and the allowable stress determined as outlined previously. q 
aa In general, conservative values of allowable compressive stress in plates, — 
legs, . and webs can be determined by applying the safety factor Fy to the buck- 4 
ling stress. For compressive bending stresses in the webs of beams and a 
ders, the buckling stress may be divided by Fag to obtain the allowable stress, 
‘since this weg of buckling has little effect on the strength of the ¢ — (18). ae 


sod the effective width method of a analysis is used (13b) (17), the allowable — 


7 ; strength, provided the stress on the effective area does not exceed the allow- a 
— able stresses as controlled by yielding or buckling of the member as a a whole. 
_ The local buckling stress to be used in the effective width formula should ~? > 
determined as outlined in the preceding portions of this section. If it is de- 
aa to prevent local buckling at design loads, the factor of appearance, Fa 
be applied to the buckling stress. 
Spacing and size of stiffeners for plate elements in edge compression may 
be > determined by the methods given elsewhere (13c). For cross sections with | 
Ar/A- less than 0. the effects of welding can be neglected and allowable 
_ stresses can be based on unaffected parent metal properties. Pe 4 
Ps PS Again employing the more conservative set of safety factors (Fy=1 1.85, and a 
Ee Pus = 2.20), the design charts for 5456-H321 become Figs. 11 and 13. ‘Fig. 13 
gives the allowable stress as controlled by loca local buckling, and Fig. 11 gives — 
ALLOWABLE STRESSES IN BEAM FLANGES 
Tension Flanges .—The allowable stresses in the tension flanges of beams 
aut be determined by the method previously indicated. _ The ratio Ar/A 
yi should be based on the net area of the tension flange plus the outermost one- 
a ie: third of the net web area between the tension flange and the neutral axis. Al- 
y _ lowable stresses determined in this manner have been found to compare fa- a 
_ vorably with the results of tests in welded aluminum beams, reported d by M. 
Holt and R. B. Matthiesen(14). 
—aw————E Flanges of Beams Restrained Against Lateral Buckling.—In 
the presence of lateral support so that lateral buckling of the beam is prevent- # 
ed, the allowable stresses will be controlled by local buckling or yielding and» i: 
ty must be determined in accordance with the previous section, in which case the | 7 4 
ratio A,/A is based on the area of the element in question. If the effective-_ ; 
width method of analysis is used, effective area should be based on the: 
gross: area of the compression flange plus the outermost one-third | of the 
area between the compression flange and the neutral axis. = ~~ 
Compression Flanges of Beams Not Restrained Against Lateral Buckling. 8H 
: 4 For beams not restrained against lateral buckling, the buckling strength “a 
_ 8 These recommendations are based on the assumption, believed to be conservative, < } 


. that the effect of welding on buckling strength of beams is similar to its effect on buck— 
strength of columns. 
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be found from seaute of column buckling curves 5 such as those shown in Fig. 8 - 
by using the | equivalent: ‘slenderness ratio concept described elsewhere (13d) 
z (15). For beams with longitudinal welds, the values of Aand Ay tobe usedin 
selecting the buckling curve should be determined from the area of the com- > 
iat _ pression flange plus the outermost one - -third of the area of the ‘web on hand com- 
3 For beams that are simply supported with respect to sikiins bending of the - 


beam flanges at the ends of the laterally unsupported length(K= 1.0), the effect ~~ 
-) a buckling strength of transverse or localized welds at or near the ends ae ae 

oo be neglected if the reduced-strength zones for such welds do not extend more —_ 
: x than 0.05L from the ends of the laterally unsupported length. The effect on = as 
lies strength of transverse or localized welds outside these regions can _ 

a -alsobe neglected if the stress at the welded sections does not exceed the stress 

from Fig. 8, corresponding to the equivalent slenderness ratio of the beam and 

the value of Ar/A for the transversely welded section 


mectinud ‘welds onbeams can be found inthe same way as previously described — 

‘The allowable compressive stress must be limited to 1/Fy times the com- 
% pressive yield strength. . Beams having flanges of such proportions that local 


buckling may affect the design should be checked by the method outlined in the : 
airecgag section. For cross sections with A,/A less than 0.1, the effects a aan 


a family of shear buckling curves, using an slenderness 
ratio, which canbe calculated according to material presented elsewhere (13c). 
cases where shear buckling is likely to precipitate collapse, such as un- 
_ stiffened “yoy or unstiffened tubes in torsion, the factor of safety, Fu should 


should be applied to the shear buckling stress. in stiffened girders not war el 
specifically to develop tension field action, itis satisfactory .» apply the factor 
a8 of serviceability, F,, to the shear buckling stress of the web. ert ke ; 
' The shear buckling curves are determined in muchthe same manner as | the 
cui ves for compressive buckling of plates except that the modulus value for s ~ 
« given shear stress is taken as that for the compressive stress equal to /3_ . 
times the shear stress(12). A set of such shear buckling curves for 5456- H321 _ 
is shown in Fig. 14. In selecting which of the curves of Fig. 14 to use, the value 
_ of Ay/A should be the largest for any cross section of the plate not closer than 
0.05b to any edge, where b is the least dimension (width or height) of the shear 
- panel . Welded edges should be considered as being simply supported unless oe 
the buckling stress determined by considering the edge as restrainedis within ; 
the elastic stress range of reduced-strength material 2 ts 
a The allowable shear stress should also be limited by 1/Fy times | the shear — 
yield strength, fsy, and 1/Fy times the ultimate shear feu: loca- 
_ tions in the heat-affected zone, the value of fgu is the minimum value for heat- . 
affected material and the value for fsy can be taken to be 0.577 times noe ( 
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gage length). Outside the heat- affected ‘zone, fsu and fsy are e minimum 
values for unaffected parent metal. For 5456-H321, the shear yield 
: values for heat-affected and unaffected parent material are 15 ksi and 19 ksi ksi, 
7: respectively, and the ultimate shear strength values are 23 ksi and 28 ksi, r re- a 
+ ia spectively. Stiffeners for shear webs should be proportioned by the methods 
4 For alloy 5456- H321, ‘proposed allowable stresses as controlled by shear 
a buckling in webs of stiffened girders and other members where shear buckling . 
Ss not precipitate collapse are presented in Fig. 15. _ These values are based : 
on the more conservative value of Fy AFy = 1. 85). F For cases where shear 


‘buckling is likely to elas collapse, allowable stresses in Fig. 15 should at 


Fy gives hi her values in cases. 


r riveted or connections with tight 
xy 


i se fitting parts in fixed co contact should be 
. equal to the lower of the two values giver en n by the formulas 


Values of fpy and should be minimum for heat-affected material 
in the heat-affected zone (within a distance bp, of a weld) and values for — 


fected parent material outside this region. is recommended allowable 


= pac: Employing | ‘the properties of 5 5456-H321 given in Table I and | the more con- bei, 


_ gervative set of safety factors (F, = 2.20, Fy 1.85), the allowable hell 


stresses: for 5456- H321 become as follows: 20.6 ksi for regions v within a a dis- 
: 5 . tance bh of any weld; 30.3 ksi for regions farther than bp, away from any weld. Bs 

For bolts, stresses should be reduced to13.7ksiand 


the al allowable shear stress in fillet welds 1/Fy times 
minimum ultimate longitudinal shear strength of fillet welds. The allowable > 
-_ transverse shear stress in fillet welds should be the same as the allowable — 4 


longitudinal : shear ‘stress, except for double fillet welds or digs 


—  §456-H321 should also not exceed 8.1 ksi within a heat-aiiec ted zone nor 10.3 oa ve ™ 
in areas outside of heat-affected zones. These values are based on ~ 
— ate shear strengtn divided 
owable_ bearing stresses. fh. for 
q 
| 
4 ie 
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stress should be 1/Fy times the minimum ultimate transverse shear 

_ Employing the mr of Table I and the more conservative set of safety 
a - factors (Fy = 2.20, =1. 85), the allowable shear stresses in welds in struc- © 
tures of 5456- with 5556 filler wire become the following: 


Rie. allowable longitudinal shear stress on n fillet welds is9.1ksi. The allow- 
able transverse shear stress on fillet welds is 9.1 ksi, except that for double- 
ys fillet w welds or other fillet welds | | designed so that the effects of bending are 
a minimized, the allowable transverse shear stress is 14.5 ksi. The shear stress r 
in a fillet weld is taken to be the load | — ae the throat area, regardless seal a 


direction of loading. 


2.~PROPOSED ALLOWABLE STRESSES FOR WE LDED STRUCTURES 


: in kips per square ach 


‘ee Plate 0.250 to 1.250 in, thick 

Tension and Tension in Extreme i, = = 17.8-7.6 Ay /A -3.8 
Axial and Compression in Extreme ‘Fig. 10, Fig. 13 


‘Fibers of Beams = 17.2-7.0 Ap /A- 
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= in Plates and Webs Containing Welds | Fig. 15 andfg=8.1 | 


| Plates and Webs Containing No. | Fig. 15 and fg=103 a 


q Shear in =| Lon 9 
gitudinal Shear and Transverse 9.1 
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CONCLUSIONS 
paper structural design methods that take of the re- 
- duction in strength near welds in heat-treated or work-hardened material and, 
? at the same time, take advantage of the strength of the material in the regions 


by applying them to a a specific aluminum: alloy 5456-H321 plate: in the 
"thickness range of 0.250 to 1.250 in. The resulting proposed allowable stresses” 


6 


‘The recommended design methods are believed tobe conservative, yet more a. 


realistic than previously used design procedures for welded aluminum struc- ie: 


4 


are summarized in Table 2 and 
as 
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= total strength : area of a reinforced section 
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= = factor ¢ of safety against appearance 


= factor of r of safety against | ultimate ‘strength o or r collapse 
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a = ultimate strength om 


bearing yield strength | 


allowable compressive stress 


allowable shear stress _ 


A, allowable tensile stress on net section 
ty tensile strength o of w welded cross section 


= minimum tensile strength in , heat- -affected zone 


9 = ‘minimum tensile strength of unaffected parent metal 


yield strength or of welded ed section Me 
= minimum yield strength in heat- -affected zone 7 


= t t t 
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offset on a 10-in. gage 
= end fixity coefficient for columns 
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THE OF STEEL STRUCTURES* 


F. BAKER, | M. ASCE.—Mr. A. Hrennikoff’s many criticisms of the de- 
sign process are most welcome since ‘it is only by considering such h careful — 
_ criticisms that the reasons for adopting particular | courses may be explained. Og 
_ ‘The main confusion is perhaps in the contributor’s conception of the nature of 
4 the elastic design method for stanchions in loading cases Ex Oy, Py Oy and ” 
—_ Py Py. The assumption of an initial imperfection as a basis for calculating — 4 
-__ strut‘curves has a long history, and the values of imperfection originally chosen : 
by A. Robertson2 were obtained empirically from struts tested to failure. While 
the real imperfections of a member would have to be used to calculate the load 
4 at first yield, the empirical values recommended by Robertson were conven- a 
- = parameters which, when substituted in the “first yield” formula, gave a my 
_ reasonable estimate of the failure load, rather than the true first yield load. 
estimates” of failure load so obtained are reasonably consistent with 


nabl stent with 
"experimental values, provided the ends of the member are not t restrained about a 


_the minor axis, and provided first yield in the actual member occurs towards 
the center of length. The case Ex Oy, is not significantly different from Px Oy 
in this respect, since failure of the column is about its minor axis, , while the i 
elastic beams in case Ex Oy are applying moments about the major axis. For ae in 
5 this reason, it is impossible to assume any relaxation of the major axis mo- — 
ments until after the column has failed. The major axis ‘moments certainly © 
become relaxed after failure of the column, due to combined twisting and minor 
_ axis bending, but this cannot benefit the failure loaditself, 
 Hrennikoff mentions the effect of axial load on the stiffnesses ofthecolumns, 
ce and complains that this is not taken into consideration in the computations of 
_ the column moments. It should be realized, however, that the moments con- 


be cerned are about the major axis, and the effect of axial loads on column stiff- i 
" 


_ ness is then negligible. in Whatever small effect there may be is beneficial so 


far as terminal column moments are concerned, and the neglect of the effect . 
is therefore conservative. ord lo di iene bel) 


iq Hrennikoff quotes the large apparent effect of doubling the assumed initial 7 
4 curvature. While in the case quoted the quantity - fis thereby reduced from 
13.25 to11.25 tons per sq in., the increase insection area required i is relatively —_ 
_ small, and it is this quantity that is of importance in design. If the column in~ aA 
question is loaded in bending about the minor axis and carries a mean axial 
: stress of 5 tons per sq in., the increase in sectionalarea ‘required to cor compen- 
-s for the assumed increase in initial curvature is less than 4%, provided the © 


i Prof. of Mech. Sciences, and Head, Dept. of Engrg., Univ. ‘of Cambridge, ,Cam-_ 
No. 28, Inst. 
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section is assumed to remain exactly similar | in more 
. _ investigation of suitable initial curvature is desirable, the importance of the 
"particular value chosen should not be exaggerated. 
_ Hrennikoff takes exception to the | procedure whereby the factors by vere 
end moments are multiplied to get the equivalent uniform moments for calcu- 
-t- maximum stress are the same as the factors obtained for equivalence in i. 
the elastic stability problem. This procedure certainly requires justification. 
_ It was only adopted because investigation had shown it to be a safe and suffi 
ciently accurate approximation. Details are given in the original paper de- 
scribing this stanchion design method. 
a An dealing with the case of an I-section member with plastic hinges at one 
Fi or both ends, the minor axis flexural rigidity does not become zero as soon as 
. cg the flanges become fully plastic. This is due to the fact that, provided part of aan 
fae; section is still elastic, bending of the flanges about the minor axis of the Rey 
__ section involves unloading, and the rigidity of those parts of the flanges that are =a 


is equal to the elastic value. This has been studied theoretically and 


The general problem of restraint from one which is in- 
a, vestigation | in Great Britain, ® but the allowance for this in design is difficult aye 
x since safe lower limits have to be ) be assigned in an essentially highly variable Kos 
problem. As regards side sway, progress has recently been made inthe treat-— eis 
_ ment of the general elastic- -plastic instability of structures, and it is possible - a 


——; the writer’s opinion that the problem of repeated loading cannot be re ia 
-gardedas an important factor inthe plastic design of building structures. This , aoe 
opinion is supported by an investigation that indicated clearly that the proba- _ “a 
bility of a single application of overload is greater than the probability of e 
pading | sequence at a at a lower intensity sufficient to cause trouble due to alter- 
nating yield or incremental collapse.8 When instability problems are —_— 
as the discussor’s example shows, particular sequences of loading can be con- 
ceived that appear highly unfavorable, but it is always to be remembered that | 
_ ultimate load design is based on the attainment of a particularly high | load at | 
_ an almost infinitely small level of probability. To postulate even two — 
sive loading conditions at this level leads to probability levels thatare entirely 
: negligible i in comparison with the levels involved for a single load application. g 7 
Mr. Hrennikoff complains that the method is essentially one of design rather 3 
* - than analysis. This is avowedly the oe of the method, since this is the = 
_ tivity that most concerns the engineer. | _ The method may however be used to 


ue The Stanchion Problem in Frame Structures Guolened According to Ultimate Car- a a 


” by M. R. Horne, Proc., Inst. Civ. Engrs., Part III, Vol. 5, 1956, p. 105. 
4«The Steel 
_ 5 “Further Tests on I-Section Stanchions Bent About the Major Axis,” by M. Re 
Horne, J. M. Gilroy, S. Neile, and G. Wilson, British Welding Journal, Vol. 3, 1956. 
a. _ 6 “The Stability of Tall Buildings, * by R. H. Wood, Proc., Inst, Civ. Engrs., Vol. -ll ie 
“The Behaviour of Frames, by Ww. C. A. Rashid, A. and A. Sa- ‘ 
a lem, Proceedings, Fiftieth Anniversary Conference, Inst. of Struct. Engrs., 1958, Tage 
2 oo “The Effect of Variable Repeated Loads in Building Structures Designed by | the a 
‘Plastic Theory,? ° ” by M. R. Horne, anal Inst. Assn. Bridge and Struct. Engrs., Vol. 12, 
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Mr. * Hrennikott states that the economy claimed for the design of the Cam-_ 
bridge frame is entirely due to joint rigidity. . While joint rigidity certainly : 
played a considerable part, the beams could nat have been designed so a 
 nomically, even by elastic rigid frame theory. Using orthodox column —. 

: _ methods, elastic continuous frame design would lead to higher column sections, : 
_ because these methods do not distinguish between differing ratios of end | mo- 
mr It is interesting to note how many of Mr. Hrennikoff’s adverse criticisms 
of the suggested design method could be levelled with at least equal force 7 
against methods used in orthodox “elastic” design. The plastic theory has taken 7 
engineers outside the fictitious realm of perfect elastic behavior an and this is 
probably why it has raised so many challenging problems. by - 
Mr. Ojalvo, states that it is impossible for a compression under 

- unequal terminal moments to attain a condition of full plasticity at one end be- 

. fore instability occurs. He considers this to be so, no matter what may be the = 

slenderness ratio or axial load carried. This thesis is demonstrably unten- 
able. For a given slenderness and ratio of end moments, a plastic hinge can 
occur in a column bent about its minor axis provided the hinge occurs at the — 
end, and provided the axial load does not exceed the limiting value e given or + 


‘The equilibrium and stability criteria for a compression member are best 


es by considering possible adjacent configurations for a member of given 


length, to a given axial load. The of vary- 


"deflection curve will take the general form shown in Fig. 22. ‘The maximum 


- carrying capacity is reached at the axial load Pp at which the load deflection 7 
curve becomes horizontal. At this load, the column may move into an aneeal q 


ve 
4 = safe estimates of the carry 4q oa 
¢ 
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for the load Pf, then the adjacent states of the actual member form 

_ part of these configurations for which the degree of plasticity is the same as 

uf os the member. Thus, the state of the column at points F' and F"' in Fig. 22 a 

a are represented by A' D B' and A'' G B"' respectively in Fig. 23. Since the 
length L of the column remains unchanged, we must have A' A" = BY, 


a axis increases vole its whole length. Hence if a column is ina state of : 
equilibrium with a configuration contained between H and K in Fig. 24, it is i 
_ impossible to move into an adjacent state with the same axial load and ees 
end moments. It follows that any configuration lying between H and Kis stable. 
This remains true for all values of the canes at Hand Kuntil the > fuls plastic 
At the full plastic moment, the column configuration can have a wave length 
ae i of any magnitude below a certain critical value which depends onthe axial load 
and the cross section, and it is untrue to say that the wave length for a column — 2 
Sate a plastic hinge is zero. _ The conclusions reached by Mr. - Ojalvo o on eS 
oS assumption that this wave length is zero are therefore erroneous es 
Mr. Su has allowed his loyalty to elastic analysis to blind him to its eae 
comings and to the virtues and advantages of the plastic method. He —_ 
realize, however, that no amount of time spent with even the most modern — 7 
computer can eradicate the effects of the practical imperfections which will a 
inevitably be present in a real structure. They can influence so markedly the © “7 
elastic stress distribution that it is impossible to produce an economical de- — ye 
“elastically. This is exactly why Mr. Su’s honest “elastician” neglected 
A such effects “which he considered too tedious to be included in the design.” oo 
: From his remarks on joint rigidity it is clear that Mr. Su does not under- # 
; fi stand the basis of plastic design. The collapse load of a ‘structure is indepen- a 
a dent of the precise degree of rigidity, which value the designer cannot know. 
It depends only on the strength of the joint being sufficient to develop the full | e 
plastic moments of the joined. T This the designer can ensure ure with 
_ It is impossible to know ‘ance whom Mr. Su got his ideas about the load fac-_ 
= 4 and the neglect of the statistical approach. There is material availablel9 
_ that indicates how those mainly responsible for the design method derived the — P 


and made use of the other, 


and Physical Solids, "Vol. 6. 2e2. 
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also obtained experimental confirmation. It is readily shown that, in moving 
_—— from one state to another involving a greater degree of plasticity at a given - 
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BENDING MOMENTS ONS SHELL 


— by H. H. Bleich and M. G. Salvadori | 


H. BLEICH, ASCE, and M. Gs SALVADORI, _ASCE.— first 
soe of Mr. Galletly’s discussion requires no comment, as it “contains only a 


"puters. ‘The discussor’s comments on the rules inSection 3 of the paper, how- 
ever, require a clarification of one point and a rebuttal for the remainder. 
- In the first paragraphs of his discussion of Section 3 of the paper, Mr. 


 Galletly objects to the limitation on the opening angle reading “9, is not more 
_ than 20." The writers agree, the v word should be “less. > (The fact id 


= 3) word “ “more” ’ must be an error, can be concluded from the next line of the 


tained by methods and the ls te aise approximation are in n good agree- 
e ‘ment. He then states that this is contrary to the writers’ prediction. = | 
--_- writers fail to understand how this statement is arrived at. For the ratio a/h —& 


os 50 considered, the penetration is quite small, so that ellipsoids 2:1 and 3: <a 
90° will hug the tangent sphere; the paper therefore predicts good agree- “ag 


at 
ment , contrary to Mr. Galletly’s statement. | 
“SS the case of the toroidal shells the writers’ rules and Mr. Galletly’s re- 
waa again agree. In case ii), the ratio of the radii is 2 and ihe penetration 
according to Eq. 9 is 0.46R,, (corresponding to an angle of 26.5°) which is not _ 
ri aa to ‘produce a large deviation between shell and tangent sphere, Fig. 
la 
"The case > i), however, when the ratio of the radii is 6, 6, the 
= cording to Eq. 9 is 1.39Rj, corresponding to an angle of 79.5°. Within this | 
_ angle the shell obviously is } far from the tangent sphere, Fig. 1b, making re 


et for the penetration and the discussor’ s results. In case i) Eq. 9 gives ‘7 
_ penetration of 26. 5° while Mr. Galletly finds 27°; in case (i) the penetration — 


found by Eq. 9 is 79. 5°, that is, more than the remaining angle of the shell; 
there should therefore be no sign the moment. is exactly what 


the discussor states that he found. 


a October, 1959, by H. H. . Bleich and M. G, Salvadori. ees 
(Civ. Engre., and Dir., Inst. of 
iv., New York, N. Y. 
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 <amam of the rules in Section 3 of the paper which are obvious, well 
_ known, and widely applied by shell designers. 
Mr. Sobotka ‘suggests, in his discussion, the determination of the deflection 
= stresses by variational methods using an assumed approximate deflection 
Fe _ ‘Shape. . However, due to the complexity of the problem, it is so difficult to se- 
_ lect suitable expansion functions that this approach has not been used so far. 
The functions selected by Mr. Sobotka are clearly insufficient and unsuitable - 
_ because his Eq. 12 assumes that the shape of the deflection w does not depend — 
i at all on the thickness of the ipsa cannot be correct, not even aS anap- | 


4 


— 
&g 
- 
— he discussor 
ndicates that there 15 nO basis 1Or Mis Claln on 
does not necessarily hold. | _ 


3 
 MILIK vicny,! | and ~The would like | = 
attention to the fact, that the variation of strength of an “idealized” or “ prac- u 
" tical” frame can be computed with the aid of the statistical distribution of ulti-— } 
mate moments and of deformation characteristics in the critical zones. 
: ther, using the statistical distribution of the strength of a frame, the writers - 

can find the so called characteristic strength PS>4", The variable Py can be ; 

smaller than PS nar. “only with a small ‘probability chosen in advance (Fig. 1). 

The actual load, occurring during the life of the structure, must ‘a be greater 


If the plastic hinge theory: is used i in order to obtaint the strength 


s a reinforced 01 or prestressed concrete frame, then the witiaate load Py de- 


The waigiains k, aj follow from the pattern of a hinges ir in the time when the struc ee 
ture (or its part only) gets a a mechanism. 
If there are m different patterns of pla tic hinges possible, than we can nde- 
m ultimate loads P,,;, . Py for a given system Assuming 
that these values are constant, the most important of them is the least one, : 
denoted min P, (the procedure is well known from the limit design). hone ie F 
yee the ultimate loads Pyj (j = 1, 2, . . . m) are, as stated above, statistical _ 
_ variables, defined by their Fespective statistical distributions. 1 The ultimate | 
loads” calculated according to the plastic hinge theory should be assumed by 


‘means of of Pyj of these distributions. For each variable. a a characteristic 
"strength PG} “can be be found, which is from t the of security, more 
important the ‘mean an assumed the least of the value 
< » marked min pC » need not be the characteristic of min Py; it can re- 


a us consider, as an ‘example, a frame that can produce two patterns of 
p 


lastic hinges. Frequency curves: for both | ultimate loads ul? _P u2 are shown 


in Fig. 2. According to the simultaneous practice P, Put) should be taken 


ad 
| 
— 
a 
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® November, 1959, byA.L.L. Baker, — 
— November, 1959, by A. L. L. Mechanics, Czechoslovak Academy of Sci- 
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the computations. In spite of it, is decisive, because its value is 


mat The preceding proves, » that by appreciating = the security of a structure we 


LITY 
tae 


re value of Py alone. Moreover, _ the ‘Statistical analysis might lead to —- 
simplification limit design. Some more complicated patterns of plastic 
ee ie with alow low probability of being reached could be omitted from the analy- ; 
For the reason of shortness the writers’ here the com- 
_ plete theoretical analysis that they have developed based on the plastic — 
fee (for reinforced and prestressed concrete structures). But it is supposed © 


= 

= ' pricey 
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_ELWYN H. KING, * M. ASCE.--The author has presented an excellent paper 
_ with its three purposes well achieved. All engineering aspects of the problem 
were thoroughly considered. However, the most significant aspect of the paper 


ve is not the description of a specific program, but the indication of what is perti- - 


“nent toa good computer program. 
Tt is regrettable that the author did not include the input form as an exhibit Ms 
. as this would have indicated the other variables allowed. While the half span 
~~ live load case was not included, this does not detract froma ‘eerem is 
‘The author’s Ss ‘stand on. output tabulation and identification is well taken. Too 
- often engineers fail to make the most efficient use of computer output, through .- 
- notunderstanding the significance of all the items. Part of this failure may be a 


_ traced to lack of proper identification; part may also be due to failure to ‘Study 
the written program description. Sometimes, as in the author’s paper, it is a 
‘desirable to report critical input items in the output. 7 
‘a Fs _ _ Proper identification of all output data is essential in any efficiently run ra 
| _ computer organization. It is immaterial whether labels have been printed — 
standard output forms, whether the computer is programmed to identify the 
a - various items, or whether computer personnel rubber stamp the titles. The 


sae important aspect is that the engineer receiving the data ” informed as to the 


the relationships between engineer and computer personnel and the duties of 24 
each during program development. This is frequently overlooked. The im- ‘ 
portance ¢ of the engineer providing a complete, , precise problem definition, with a 
no ambiguity, cannot be overemphasized. It is imperative that he also provide a. 7 
= rigorous and logical development of all the procedures involved. The intui- — 


precise mathematical form. This is no easy task, but it is essential to the 

formulation of any worthwhile computer program. penal to the 

_ The testing of programs is not always given sufficient attention. One or two 

accurate ‘to the extent normally required in design work is not enough. 
j Test problems must have manual computations of the same order of — | 
as the computer computations, regardless of accuracy required by the designer. | c. 
é pre Any appreciable deviation | of the two indicates a programming error Goseming } 

‘aa correct manual calculations). While this error may not be significant interms ar 
& of the particular problem tested, it could well invalidate an entire runfor some ” aw 
other: problem, without the engineer being aware of it 


November, 1959, by Ardis White. 


Head, ‘Computer Dept., Alfred Co., Chicago, 
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may ‘appear ar to be fantastic test ‘problems, but it will result in a a proven pe per. 2 a 
formance by the program under a wide range of conditions. It is fatal to assume 
_ that, because the program works for a specific case, it is bound to work for a a 


similar one that has only a few variations from the other problem. 
Much more needs to be written expanding on the brief statements ‘made by Sef 
the author on the responsibilities of the engineer and the computer rams 
program development. The ‘program outlined by the author is an 
type. It could be extended, if computer memory space | permits, toa design 
_ type. It would be necessary only to indicate allowable stresses for the various | ua 
= combinations of loadings and the precise manner in which the frame sections 
a "were to be altered. The choice, presumably, would be between increasing the 
flange thickness where necessary and deepening the section. Within limits the 4 
_ Once the design program was written, it could be converted into a so-called 2 
: “optimized” program where the least steel weight might or might not be the 
. proper criterion for member selection. In both “design” and ‘ “optimized” pro- ol 
‘grams, considerable should be given, not only to the cost- 
ar ‘ratio, but to how much design control can be delegated advantageously to the 
computer. In theory, programs are preferable; in 


what any ‘competent engineer would Id do, this decision certainly can be made 


While not essential, it —_— be e interesting if the author would indicate the a 

-man-hougs and the equipment type and hours required to prepare the data for a 
entry into the computer. This work can consume a large portion of the overall — 

one computer center processing time, but it is frequently neglected when program on 
_ times are announced. It would be interesting to know whether machine language, 


routines, or ‘machine compilers were used in the 
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DESIGN OF PRESTRESSED COMPOSITE STRUCTURES® 


ussion by Edward Cohen and A. w. Coutris: 


ise 

EDWARD COHEN,! F. . ASCE, and A. W. ‘COUTRIS, ASCE. _The gather 
has proposed an interesting combination of two relatively new methods of con- ap 
struction and has’ presented a thorough analysis of the combined system, both oa 
of which will be of considerable interest to structural engineers. The basic nd 
ae any system of construction are economy and oy 


lection ofthe materials is made ‘bye comparing various s alternatives | on the basis y 
of current total structure or project cost, as well as the cost per unit stress 
of the base material. Prestressed composite steel construction is another _ 
ama available to the structural engineer and should be evaluated onthe same 
=~ _ Properly used it will lead to new economy, but, as with any new ap 
- proach, each design must receive special attention relative to both oun 
ee and the many unusual details which the designer will encounter. \ alll 
_ One area in which prestressed steel has demonstrated its usefulness is 3 the 
strengthening of existing structures. Several years ago the senior writer and 
the author prepared plans for the alteration and strengthening of an existing 
viaduct in connection with an extensive project. ugh the plans 


viaduct, constructed in 1932, had been in operation and it 


was intended to keep the structure in operation during the strengthening. | The 


‘and depths of 6 ft 6 in. and 7 ft 1-3/4 in. "The as project involved | ae 

_ The proposed widening of the structure would have added dead load to the 

- outer girders and live load to the outer and first interior girders over that 

Degreaser in the initial design. The additional dead and live loading produced > 

a percentage of overstress of approximately 35% for the exterior and first in- a 

terior girders. However, the two girders near the center of this roadway, 

having been designed to resist heavier tramway loads, were adequate for call a 


— — 


Several methods of strengthening the viaduct structure to accommodate the 
new loads were studied. These were: 1) elimination of additional dead and i 
live load from the new ramps by construction of new abutments for the ramps, _ 


2) strengthening of the girders by the conventional method of increasing flange — 


areas, 3) underpinning the girders, and 4) prestressing the a as 
a, After careful study it was concluded that prestressing the girders provided _ 


iB the least expensive solution. This method, in addition to involving the least 
a 


1 Assoc., Ammann and Whitney, Cons. Engrs., New York, N.Y. 
2 Struct, Designer, Ammann and Whitney, Cons. Engrs., New York, N. Pet) 
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2 "plished by means of two galvanized 1- ey, 16 in: -diameter bridge strands for 
eachof the outer girders and two galvanized 1-9/16 in. -diameter bridge strands 
for each of the first interior girders as shown in ea A ee 
ae Standard poured zinc fittings were specified. The strands were supported 
clamps on centers in order to eliminate sag and to inhibit vi- 


ExisTING 
RIVETS SPACED 


@*EKISTING BPRIVETS TOBE 
REPLACED WITH NEW 


4% BEARING N ABUT 
3 JACKING END 


4. 1, REINFORCEMENT OF GIRDER BY PRESTRESSING 
welded steel plate anchorages attached t to the lower fl: flanges of the girders by 
bolts beyond the region where e overstress occurred. 
In order to reduce the restraining effects of adjacent girders the sequence > 
of tensioning operations had to be carefully specified. Horizontal stiffeners ‘ 
_ were added to the oa plate in order to eliminate the possibility of local buck- 


of the anchorage and lateral ee of ‘the lower “flange 


amount of field work, negligibly effected the appearance of the structure, and 
& 
— 
— 
i 
— 
— 
subjected to a com 


DISCUSSION 


‘Although straight strands were specified to expensive field alter 


ation work without encroaching on the vertical clearance, curved strands are 


with prestressing, and adequate moment of inertia must be f provided to keep - 
live load deflections within reasonable limits. Although this was not critical, _ 
+4 consideration was given to this point by arranging the prestressing sequence ae 

- so as to avoid the possibility of longitudinal tension (cracks perpendicular to 

a the girder) in the existing concrete slab. The required initial tension was re- 
duced slightly by the elastic elongation of the strandon application of the load. 

, In strengthening a portion of an existing structure, it is desirable to con- 
firm that the factor of safety has remained at its original value which is that f 
_ of the unstrengthened remainder of the bridge. If the working stresses are kept : 
_at their initially established allowable values after prestressing, the factor of 
safety will generally be reduced. For the viaduct structure under discussion : 
_ the factor of safety was defined to require a prestressing force adequate to 
prevent yield stresses in the girder until the load increased to 1.83 times the 
working load. As a result, the working stress in the structural steel had to | 
reduced to 16 ksi under full working load. — _ Under the ultimate loading condi- 

_ tion, the four prestressed girders would have reached yield p point stress at at the 

same time as the two unprestressed interior girders. 
a _ ‘The British Railways System have been, perhaps, the first to make practical 

use of prestressing for the strengthening of existing steel bridges. 3, ” 4 In ad 
dition to economy, other advantages which were gained were no interruption of _ 
traffic and avoidance of temporary falsework. The possibilities of prestressed 

- steel construction have been examined in considerable analytical detail by G. — 

_ Magnel. 5) Obtaining economy by the prestressing of new steel trusses and plate 

girders has been discussed by Magnel§ 

critical feature of the design of prestressed structures is the 


of 0.80 f' c as the available ultimate concrete strengthas ‘compared to 0.85 f''c 
has been well established for axially loaded tied columns and for the 
age strength to be used with reinforced concrete flexural members. The author 
states that the low estimate is for the purpose of insuring a ductile type of fail- 
ure by tension in the steel rather than by compression of the concrete. How- é 4 goat 
_ ever, limiting the ultimate stress in 1 compression eliminates the possibilityof 
a compressive failure only if the stress distribution and resisting moment are 4 
iis computed on elastic basis. When a plastic stress distribution is assumed, this _ 
_ Safeguard must be replaced by the concept of ultimate strain or by correlation © 4 
Ez ofa statistically adequate number of test results. Considerable information is — aa 
available regarding ultimate concrete strain at failure. 


§ 


3 “Prestressing Restores Weakened Truss Bridge,” by P. rps and D. H. Lee 
Civil September, 1956, p. 48. 


Bis: 5 “Les Charpentes en n Acier Precomprim me,” by | G. emia, 
7 “Long Prestressed- Steel Truss Erected for Belgian Hangar,” by G. Magnel, Civil | 
7 “American Engineer Studies Prestressing of ‘Structural Steel,” by L. Coff, Civil 
Engineering, 1950, Pp. 64. 4 
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series s of f tests at | at the he University of Ilinois, “Urbana, , I. 1951 | by E. E. 
e  Hognestad® gave an average ultimate concrete strain in the failure region of "hee 
0.0038. Ultimate strain in tied columns subjected to | normal loading rates” 
varied from 0.0023 to 0.0040 with an average of 0.0032. Strain-flexure tests — 
5-by-8-by-16-in. prisms!° reveala « close similarity with standard 6-by- 
s cylinder strain- -compression tests. It is reasonable to assign an ultimate © 
f __ strain of 0.002 to 0.003 to the extreme concrete fiber. Whether such strains 
ay adequate will depend on the details of the design. bla 
If the web of the girder is neglected in the computation of the ultimate mo- im a 


"ment capacity, strains need not be considered. moment is then equal to 
_ the flange forces times their lever : arm. Only for balanced design will the con- 


q a “A Study of Combined Bending and Axial Load in Reinforced Concrete Members,” P 
_ by E. Hognestad, Bulletin No. 399, Univ. of Dlinois Engrg. Experiment Station, Novem 
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«Univ. of Illinois, Engrg. Experiment Station, November, 1951, 128 pp. 
__ 10 Concrete Stress Distribution in Ultimate Stress Design,” by E. Hognestad, N. W. 


"LESSONS OF COLLAPSE OF Vi VANCOUVER 2) 2ND } BRIDGE? 


Discussion by Robert Dannemann 


RTT 1 
ROBERT DAMMEMANK.” impor 


with ‘the result. of sometimes or or important errors. 
In the writer’s opinion, the origin of the collapse lays principally in the in- zs 
_ appropriate combination of structural elements, and was not caused solely by ae: 


local buckling of the elements that failed. Looking at Fig. 1 it becomes ob- 
vious that the whole supporting system has a weak point in the upper a 


base. have an appreciable vertical ‘stiffness, 
but a very low lateral one. . Every deviation from theoretical ideal conditions — = 

- z the support system may produce moments and shear forces that act on the _ 

7 = rigid base of the bent. The results could be elastic or thermal elongations of | e 
the bridge, rotation of the w upper support of the bent produced by cantilever 

. 7. construction, eccentricities in the application of forces in the stringers due to - 
ce shape irregularities — and so forth. But in any of these cases the tendency of 
a the base to translate could not be resisted by the webs of the stringers. For : 


this reason the assimilation of the actual buckling case to a column with — Ms “a 


@ November, 1959, by A. Hennikoff. 
Civ. Engr., Santiago de Chile 
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June 1960 
ends Lae a seem to be correct, because we are in the presence of a forced 
Bein of the upper part of the stringers. In this case the local span ae 
‘greatly influenced by the magnitude of that disturbing lateral 
a To demonstrate this fact it is interesting to analyze | the effects of a local 
ee in load application in in the flange of one of the four r stringers. Ace .. 
cepting a localeccentricity of 1 in. produced by flange irregularities, as those 
‘described in the original paper, , the moment nena of that stringer, con- 
aidering a width of 1 in., will 16 in. -kips; Q 
(1 + 0.5). 16 = 0.668 kips 
| This shearing force must be en in equal parts to the four stringers: 
= ms -668 kips = 0.167 kips. © The maximal moment in the web is as — & 
M, = 0.167 x 16.125 = 2.7 in- K; S$ = 1 0.6532/6 = 0.0715 cu i 
~~ ‘This stress will produce a lateral flexure failure : similar to that actually a 


mentioned, resulting in a combined stability 
_ * Referring now to the other conclusions of the committee, the writer observed 
_ that the initial imperfections in the shape of the | stringers (about 1/32 in. ) give 
_ avery low eccentricity, because it means only the 1/1150 part of the height of - 
_ the web. Timoshenko considers” eccentricities reaching from 1/1000 up to be 
1/400 as normal irregularities. Also european codes® fixes an eccentricity 
«a r/20 + L/500, which represents more than twice that observed in this case. — 
_- The Royal Commission’ s judgment about the CSA formulas seems to prove — 
eo for slender columns, ‘it is probably better not to forget that the! Euler val- ae _ 
e is the ‘upper limit of noebsling ‘resistance. As this value is easy to ) obtain, — - 


im re — f/f. . 
irregularity, an e local buckling problem for ideal 
fey 


ains some > very interesting considerations, but the tests ession tre that this in- 
“fluence, in this case, is not important. Both tests, with and without plywood, f 
differ by only 2.8%, proving this fact. 
a At the same time, this result demonstrates that the degree of fixation of the 
_ web, considered as a partially restrained beam, does not change very much. 
Using the Hickerson method, and making some simplifying assumptions — 
. distribution, plastic hinges, and compression | ‘modulus of plywood, the — 
writer made an approximate computation of the degree of fixation that results — 
_ with 3/4 in. plywood, obtaining a degree of 0.90. Comparing this value» oop + 
- unity (fully restrained) that results in the case of direct support on steel, it is 
comprehensible that the inflection point in the elastic deformation of the column 1 


4 lus of the plywood, the thickness of the layer, and the total compression ore, 
_ Therefore, it is possible that in other cases, with a thicker layer of plywood, 
less modulus and load, the degree of fixation in the head of the web will de-— 
crease more than in this case anda considerable reduction of buckling strength ic 


‘ 


seems to be convenient, to prevent dangerous extrapolationsfrom empirical 
curves, to relate the permissible buckling load for slender columns directly 
to the Enler value 9 convenient load factor 
2 
— 
| 
— 


“compute DESIGN OF A MULTISTORY FRAME BUILDING? 


D. M. Brotton and G. D. Galletly = 


nt that the solution of large sets of simul- 


_ the sway correction is automatically carried out and it must be mentioned that 
there is no necessity to invert the complete stiffness matrix. Unless the num- 


_ Sation process and then to back substitute for each set of loads in turn. Engi- - 
neers must learn to make use of standard mathematical techniques which are 
___ Recently, the writer assisted in the preparation - a program for the analy- J . 
sis of plane rigid frameworks using the slope deflection method first pro-- 
- grammed by R. K. Livesley. 2 The solution of Mr. Lount’ s Example 1 has been — 
attempted by this program and the print out of the data tape and the results 
ss tape are given in Figs. 1 and 2, respectively. It can be seen that most of the a 
a information is self-explanatory, which is an important practical eens but : 
some figures on the data tape may require definition. 
‘The units | adopted for the loads and moments are tons (2240 lb) and a 
_ Directly below the title on the data tape, we give the general framework in- 
0 formation. Large frameworks can be divided into sections, the basic unit being 
the subframe. Each subframe contains ‘up to twenty joints, including some — 
common to the s subframes on either side. The five figures under the titleare §G 
1. . The nu number of subframes. 
2. The number of patterns of loading 
3. The number of members in subframe 1. 
= The number of joints in subframe 1. 
The number of common joints with subframe 2. 


December, 1959, by A.M. Lount. 
Lecturer urer in| Struct. Manchester College of Science and Tech., Manchester, 


_ 2 The Use of a Digital Computer with Particular Reference to the Analysis of Struc- 
tures,” by R. K. Livesley and T. orient Trans., North East Coast Inst. of — 
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equations "appea fa t, in using moment distribution, Mr. 
practical, is entirely unfounded. In fact, in» f the same equations of 
—— ra, . ly using a technique for the solution o — 
Lount is merely using 
it 
— a5 OF larger tan 
Ol COM Of aS ES ‘ l roblems) itis 
a i i emely rare in practical p - 
of freedom (a situation which is extr y 
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‘DISCUSSION 
details each member on a separate line. First, we have a letter 
or P that gives the type of member (M—fixed at both ends; P—fixed at one 
and pinned at the other). ‘The two that follow define the 


The horizontal projection of the member in feet. 
The vertical projection of the member in feet. 
area of cross section in square inches. 
@ A member pinned at both ends can pad dealt with by giving it z zero ‘moment a“ 
i, ae It will be noted that any member property which is identical with that for 
_ the previous ‘member can be replaced by an equal sign, a device that saves “7 aoe 
considerable amount of time in the punching of data tapes. 
_ The loading details should be clear. They are given in terms of the joint “a 


ne (J1 and so forth) and a letter X, Y, or Z denoting a horizontal | compo- . 
nent, a vertical component or an applied moment. The letter R may require 
some explanation. In order to deal with different types of foundation the fa- x 
= for restricting (R) particular degrees of freedom has been included. 
is evident that restricting the X and Y displacements will simulate a pinned - a 
The figures printed out from the results tape under the heading LOADSaf- _ 
_ ford a valuable check to the calculation. As the member internal forces are a : 
obtained, they are resolved into the horizontal and vertical directions and ac- q 


P25 cumulated in terms of the degrees of freedom for each joint. On completion 


; _ The time taken for coding the problem and punching the data tape was ap- 
1 
_ proximately 1 hr and the machine time involved in its solution was approxi = 1 


should agree with the values of the applied loads. 

; _ mately 14 min. ae is worth pointing out that the results were obtained auto 


matically and are “exact. ” There is no need to watch the output of the results — 
a _ for satisfactory convergence—an act which, even though quickly done, is still bi 
j a great deal slower than the normal speed of operation of the computer 2 
_ therefore wastes expensive machine | time. It may be of interest to note that a 
- framework with 170 joints has been solved by this program in approximately 


tion,” he mentions the possibility of new being to solve 


_ the special types of equations that are encountered in frame analysis. _ In this 

_ discussion, the writer would like to suggest a which, he 
4 

= faster than other ‘solution schemes and, § since it considers only relatively _ 

small matrices, does not require a large computer for its use. 


‘The basic idea underlying the method consists in | the recognition that the a 
system of equations describing the behavior of a frame can be put in 


Engr., ., Shell Development Co., Emeryville, Calif. 


7 
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tridiagonal form. Thus, one can utilize the techniques that h haye been developed - 
for the biharmonic equation to solve the frame equations. *: 4, 
: AS a specific example, the plane frame in Fig. 1 will be c considered. It will 
Oe o assumed that the axial ohengen in lengthof the members are to be taken into : 


"There are various schemes available for writing down the ‘equations appli. 


be written out explicitly. Considering the joint displacements as the unknowns, 

aN: it is clear (from the slope- -deflection equations or otherwise) that, in general, 

the displacements of five joints will be coupled together when writing the equi- 


librium equations for any joint. That is to say, , when writing the equilibrium 7 
equations for, say, joint 6 of Fig. 1, the unknown joint displacements Ag, 45, 
_ &g, 47 and Aj0 will all be involved (the A’s represent column vectors for the — 
three displacement components at any joint, the coefficients of the A’ s will be- i 
matrices or combinations of these). heck 
~@ Thus, the form of the equations for the > usknown joint displacements of this i 
— mi: structure will be as shown in Fig. 2. The check marks in this figure indicate | 
& _ $-by-3 matrices (some elements of which may be zero). The complete system > 
_ of equations has been partitioned by the solid lines, and it can be seen that two -- 7 
types of matrix occur. If the check marks were elements, these matrices would a 
be called diagonal and tridiagonal matrices. Since the check marks are ma- 
& trices, the prefix “quasi” is sometimes wth 
ee The direct solution of amy of equations similar to that in Fig. 2 will now — 
be considered. Schechter).° Assume the are written in the 


where Dy» Ey and M,, are square matrices of the same rank." iy 


4 «The Numer 
A. F. Cornock, Proc. Camb. Phil. Soc., 50,1954, pp. 524-35. 
“Quasi- Tridiagonal Matrices and Type -Insensitive Difference Equations,” by S. 


. Math. th. Sci., New York Univ., AEC F R and | D D Rpt. N NYO-2542 2542 (Physics), 


“Analysis of Rigid Frames by an Electronic Digital Computer,” by R. K. Livesley, 
a en In this discussion, submatrices occur only on the main diagonal and on its immedi-— 
z a ate neighbors. Sometimes these latter are also zero. For cases where Dp, En and Mn - 
are not of the same rank, see S. Schechter. — 
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FIG. 2. FORM OF THE FRAME EQUATIONS FOR THE STRUCTURE OF 


_ FIG, 1 (JOINT DISPLACEMENTS ARE THE UNKNOWNS) 
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Assuming the -matrices are easily (which v will pe the case for 


the ‘the frame equations), om one prompting ‘Eq. 1 


nd obtains 


and t the vector tari are given 


— 
| 
i 
Ci 
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‘From Eqs. 5 


Substituting 


ck, 
By 1 - uy 


i 
— 
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Thus, can be obtained. on 


n the A’ s, one has, from Ea. 


matrices to invert are Hg (Eq. 18) and D,- The Dn- -matrices are, 
iF moreover, very easy to invert since if the decane of the3-by-3 submatrices _ 
= are written out, the matrix will be found to be quidiagonal [Fig. 3(b)]|. As there 
— is an algorithm for ‘Solving such systems of equations, D,* can be found an 


‘g capentan application of the algorithm, the unit matrix I being used on the right 

An even simpler method for obtaining D,~ (which recognizes that the Dn- 


“matrices are -quasi- -diagonal) is to invert the 3- by-3 submatrices in n turn 
arrange the inquasi-diagonalform. q 
q A remark is in order concerning the size of the matrices \ under discussion. 


rank r is given by 


a in which b is the aia ‘site bays, and N denotes the number of degrees of free- 


_ Thus, for the structure of Fig. 1, = B+ + = 12. Since ‘this: 


— important feature of the method described is that the size of the matrices” 
to be handled does not increase as the number of stories increases. Thus, if 
the structure of Fig. 1 were 100 stories high (with 400 x 3 = 1200 unknowns), | 
* the size of the matrices to be handled by the method discussed herein would 
still be 12-by- -12. There would, of course, be quite a number of 12- -by- 12 D,- 
. - matrices. to consider in this case, but all would be easily invertible. There 
would still be only one 12-by-12 Hg-matrix to invert. 
It is to be noted that if the loading is vertical, if both the loading and the 
structure are symmetrical so that sideway does not occur, and if axial changes 
in length are neglected, then N = 1, that is, only joint rotations are considered. © 
The size of the matrices to be handled for a 3-bay structure is then only 4-by- J 
4, irrespective of story height. It may, because of ‘symmetry, be possible to 


«condense the calculations even further in this case. 
- _ Ifchanges in the lengths of the columns are neglected, but those in the gird- 
ers are considered, then N = 2, even if sidesway occurs. In this case, one a : 


tually has more unknowns than in the classical 1 method of analysis where one 


~ 
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displacement components have thus been determined directly. The only _ 
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assumes the joint ‘rotations ona lateral de. 
flections constant in any one story) as unknowns. However, in the latter  ap- 
| Proach the shear equations, for each story as a whole, destroy the quasi- 
- tridiagonal form. The present method, dealing with relatively small matrices | 


and giving a direct solution (through 1 recursion relations) will l usually be much ~, ‘2 


_ A summary ry of the computational procedure for the method discussed herein | 


. With Ho Ay: = x : 


Un-1- Store. (If up is di- 


3. With find =Hp-1 - 


rectly after one need store three current vabate ad H and of u). 


: 


= In the present discussion, the writer has considered only a frames 


_ irregularities in n layout, etc., can 1 be handled by standard techniques. if struc- “a “7 
tures similar to Fig. 4 are 'to be treated, then the quasi-tridiagonal matrix gg 
- techniques can still be used. See, for instance, A. F. Cornock# and Schechter. il 
‘Alternatively, holding forces could be applied at the intersection of the two 
Free _ This is similar to the technique used by Livesley for subdividing — 
"structures when the matrices become too large for the — to handle. - 

method herein should also prove useful for: 


— Obtaining the flexibility matrix of a structure for vibration analyses. — 


Since the quasi-tridiagonal technique gives a direct solution of systems = 
es linear equations, it appears likely that it will prove faster than iterative meth- _ - 
for obtaining the inverse of the stiffness matrix Q (or Q%). 
Elastic stability studies of multi- “story buildings. 
: _(c) The analysis of space structures. If each joint has ‘six degrees of free- 
dom, then the Dn- matrices will not have the simple form of Fig. 3(b), but will A 5 
: as shown in Fig. 3(c). However, for this case, it is still easy to find a 
‘a 


one simply inverts th the 6-by-6 submatrices in turn and orders them in in qs 


‘The wr writer must admit that he has not investigated the aforementioned prob- © 


- lems. _ However, one of the main purposes of this discussion was to draw at- 
tention to what promises to be an effective tool in the computer analysis of 4 
structures. It is the writer’s hope that this discussion will stimulate univer- _ 
sity and other personnel with computer and graduate student facilities to in- 7 


vestigate this quasi-tridiagonal matrix technique. Its use is not, of course, 


limited to framed structures. ‘It was originally developed for Solving plate 
_ problems and can, presumably, be ‘extended to shelland other 


With a to the speed of the method, , the only ¢ data known to wen writer Be 


| 
J 
— 
+ 
— 
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using a 30- by- -30 mesh (that is, 900 ) unknowns). The running for 
be = this problem was about an hour on the IBM 704; a speed which is quite impres- a 
_ sive. The rank of the matrices handled was 30. The Dn- matrices for framed 

> . structures will probably be somewhat more complicated than those for the bi- oy 

vu harmonic equation; on the other hand, the rank of the matrices will usually be = 


than 30, especially if, column changes are neglected. 


vi some actual applications are now necessary in 
that the quasi- tridiagonal matrix method can be evaluated for - different struc .. 
tural problems. The writer hopes that interested members of the profession 
— 
will provide these in the near fu future. 
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ar RALPH L. on A.M. ASCE.~—In the writer’s opinion, the broadness _ 
of Mr. Winter’s treatment precludes sufficient attention to detail and as a = 


sult may lead tec uninitiated to misconceptions or, worse, lull him into a yi a 


-flections are not important, that the loading is statically applied, and 
r ‘that no other loadings are admitted. Presuming that by optimum design the 
author refers” to minimum weight design, it is clear | that this condition 

- achieved when a = 0, regardless of whether plastic or elastic methods are used. © 


: ‘Furthermore, both methods produce exactly the same structure in this case. 


_ When a is a fixed acute angle, the author concludes that oj = Oo i is impossible _ 
for the elastic gem ¥ This conclusion is incorrect if we allow the unloaded a 


“Gamers property is not obtained with the plastic design. In addition, the 
= of the prestressed elastic truss is greater at full load than that of the 
_ plastic truss. In the design of a prestressed elastic truss the designer may, 


as in the case of aplastic design, impose the condition that, at ania the meee - & 


in each of the bars? be some fraction of t that in the bar. eR 


section, fixed- ended, elastic beam of constant maximum fiber stress. This is 


not the case however.2» 


7 The author makes the general statement that “the plastic method enables" 
‘ , the designer to dictate to the structure the precise manner in which he wants - 
- it to resist the external forces. ...” Certainly, the author realizes that this | ie 
_ statement is an oversimplification, but the uninitiated engineers might take it _ 


literally. fi The example shown in Fig. 11 dramatically points out the dangers corey 
= 


a February, 1960, by Geor 
- 1 Assoc. Research Engr. Armour Resear reh Foundation of Mlinois test. of Tech., 


2 “On the Absolute Minimum Weight Design of Framed Structures,” by Jacques Hey- 


‘Div. of Applied Mathematics, Brown Univ., ‘Tech. Report 36, May, 1958, 


ross and. 


ine section on plastic design. specilically, let uS Consider in a Cursory Manner 
14 
ae 
— 
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a A psi: prestressing. The ultimate strength of the prestressed elastic truss can be 7 
[a 6=8=—_—smade exactly the same as that of a similar plastic truss. For the prestressed [in 
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the refer to members in Fig.11. When equals the break- 
ing strain, 0.25 in per in, €9 = 0.00432 in per in. Consequently, bar 1 frac- 
tures before either of bars 2 has come close to developing its yield stress Cys: 
pov application of the plastic method assumes, , of course, that the bars may 


alll achieve their stress at the same time. the prestressed 


| 


FIG, 11,-ELASTIC-PERFECTLY PLASTIC TRUSS 

- elastic truss can be designed so that all bars are simultaneously stressed to a 
_ their yield. If, in this example, we admit infinite ductility, we might investi- _ 
os gate the deflection under the yield load, that is, under the load that t just bris brings — 


a either of bars 2 to its yield stress. . This | deflection is given by ees Oe - 


“aay 


a= vive 5 |? - 0.5187 L.....(7) 

8 am a deflection would generally be considered unacceptable; consequently, — 


the plastic method has once again furnished too little information about the — 7 
_- The writer would like to point out that his criticism is directed primarily 
an to this type of paper rather than the specific presentation. Even this further 
_ elaboration ot on a small portion c of Mr. Winter’s paper does not adequately intro- 
the to the the or potentialities of plastic design. 
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139 and 140. “Interchange the » photographs marked Figs. B and The 
captions remain in their present positions. 


115. Change the first sentence 
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year are identified by ‘Technical- -division 
sponsorship is by an abbreviation at the end of each Paper Number, the symbols referring to: Air 
Transport (AT), City Planning (CP), Construction (CO), Engineering Mechanics (EM), Highway (HW), Hy- 3 
draulics (HY), Irrigation and Drainage (IR), Pipeline (PL), Power (PO), Sanitary Engineering (SA), Soil 
Mechanics and Foundations (SM), Structural (ST), Surveying and Mapping (SU), and Waterways and Harbors 


with Volume 82 (January 1956) papers were published in Journals of the various Technical Divisions. To 
locate papers in the Journals, the symbols after the paper number are followed by a numeral designating _ 
the issue of a particular Journal in which the paper appeared. For example, Paper 2270 is identified as 


: 2048(CP1), 2049(CP1), 2050(CP1), -2051(CP1) -2052(CP1), 2053(CP1), 2084(CI 
(HY6), 2057(HY6), 2058(HY6), 2059(IR2), 2060(IR2), 2061(PO3), 2062(SM3), 2063(SM3), 2064(SM3), 2065 _ 
(ST6), 2066(WW2), 2067(WW2), 2068(WW2), 2069(WW2), 2070(WW2), 2071(wW2), 2072(CP1)°, 2073(IR2)°, 
 2074(P03)°, 2075(ST6)°, 2076(HY6)°, 2077(SM3)°, 2078(Ww2)°. 


2079(HY7), 2080(HY7), -2081(HY7), 2082(HY7), 2083(HY7), 2084(HY7), -2085(HY7), 2086(SA4), 2087 
(SA4), 2088(SA4), 2089(SA4), 2090(SA4), 2091(EM3), 2092(EMS3), 2093(EM3), 2094(EM3), 2095(EM3),2096 
(EM3), 2097(HY7)°, 2098(SA4)°, 2099(EM3)°, 2100(AT3), 2101(ATS), 2102(AT3), 2103(AT3),2104(AT3), 
2105(AT3), 2106(AT3), 2107(AT3), 2108(AT3), 2109(AT3), 2110(AT3), 2111(ATS3), 2112(AT3), 2113(AT3), 
AT3), 2124(ATS), 2126(ATS). 


SEPTEMBER 2141(C02), 2142(CO2), 2143(CO2), 2144(HW3), 2148(HY9), 

2149(HY9), 2150(HY9), 2151(IR3), 2152(ST7)¢, 2153(IR3), 2154(IR3), 2155(0R3), 2156(1R3), 2157(0R3), 2158 

(ER3), 2159(IR3), 2160(IR3), 2161(SA5), 2162(SA5), 2163(ST7), 2164(ST7), 2165(SU1), 2166(SU1),2167(WW3), 
2168(WW3), 2169(WW3), 2170(WW3), 2171(WW3), 2172(WWS3), 2173(WW3), 2174(WW3), 2175(WW3), 2176 
(wws), 2177(WW3) 2162(HY9)®, 2183(SU1)°, 2184 


“OCTOBER: 2189 AT4), 2190(AT4), 2191(AT4), 2192(AT4), 2193(AT4), 2194(EM4), 2195( EM4), 2196(EM4), 
2198(EM4), 2199(EM4), 2200(HY10), 2201(HY10), 2202(HY10), 2203(PL3), 2204(PL3), 2205 
(PLS), 2206(POS), 2207(P95), 2208(PO5), 2209(PO5), 2210(SM5), 2211(SMS5), 2212(SM5), 2213(SM5), 2214 

ia 2215(SM5), 2216(SM5), 2217(SM5), 2218(ST8), 2219(ST8), 2220(EM4), 2221(ST8), 2222(ST8), 2223 
(STS), 2224(HY10), 2225(HY10), 2226(PO5), 2227(PO5), 2228(PO5), 2229(ST8), 2230(EM4), 2231(EM4), 
2232(AT4)©, 2233(PL3)°, 2234( EM4)°, 2235(HY10)°, 2236(SM5)¢, 2237(ST8)°, 2238( POS)¢ 2240 
NOVEMBER: 2241(HY11), 2242(HY11), 2243(HY11), 2244(HY11), 2245(HY11), 2246(SA6), 2247(SA6), 2248 
(SAG), 2249(SA6), 2250(SA6), 2251(SA6), 2252(SA6), 2253(SA6), 2254(SA6), 2255(SA6), 2256(ST9), 2257(ST9), 
2258(ST9), 2259(ST9), 2260(HY11), 2261(ST9)¢, 2262(ST9), 2263(HY11), 
‘DECEMBER: 2271(HY12)°, 2272(CP2), 2273(HW4), 2274(HW4), 22 


_ (SM6), 2297(WW4), 2298(WW4), 2299(WW4), 2300(WW4), 2301(WW4), 2302(WW4), 2303(WW4), 2304(HW4), 
2305(ST10), 2306(CP2), 2307(CP2), 2308(ST10), 2309(CP2), 2310(HY12), 2311(HY12), 2312(PC6), 2313(PO8), 


JANUARY: 2331(EM}), 2332(EM1), 2333(EM1), 2334(EM1), 2335(HY1), 2336(HY1), 2337(EM1), 2338(EM1), 

-2330(HY1), 2340(H¥1), 2341(SA1), 2342(EM1), 2343(SA1), 2344(ST1), 2345(ST1), 2346(ST1), 2347(ST1), 
2349(HY1)°, 2350(ST1), 2351(ST1), 2352(SA1)°, 2353(ST1)°, 2354(STI), 
FEBRUARY: 2355(CO1), 2356(CO1), 2357(COl), 2358(CO1), 2359(CO1), 2360(CO1), 2361(PO1), 2362(HY2), 

-2363(ST2), 2364(HY2), 2365(SU1). 2366(HY2), 2367(SU1), 2368(SM1), 2369(HY2), 2370(SU1), 2371(HY2), 
 2372(PO1), 2373(SM1), 2374(HY2), 2375(PO1), 2376(HY¥2), 2377(CO1)°, 2378(SU1), 2379(SU1), 2380(SU1), 
2382(ST2). 2383(SU1), 2384(ST2), 2385(SU1)°, 2386(SU1), 2387(SU1), 2388(SU1), 2389(SM1), 

MARCH: 2393(IR1), 2394(IR1), 2395(IR1), 2396(IR1), 2397(IR1), 2398(IR1), 2399(IR1), 2400(IR1), 2401(IR1), 
 2402(IR1), 2403(IR1), 2404(IR1), 2405(IR1), 2406(1R1), 2407(SA2), 2408(SA2), 2409(HY3). 2410(ST3), 2411 
 (SA2), 2412(HW1), 2413(WW1), 2414(WW1), 2415(HY3), 2416(HW1), 2417(HW3), 2418(HW1)°, 2419(WWw1)¢, 
 2420(WW1), 2421(Ww1), 2422(WW1), 2423(WW1), 2424(SA2), 2425(SA2)°, 2426(HY3)°, 2427(ST3)°* 

APRIL: 2428(ST4), 2429(HY4), 2430(PO2), 2431(SM2), 2432(PO2), 2433(ST4), 2434(EM2), 2435(PO2), 2436 
_-- (ST4), 2437(ST4), 2438(HY4), 2439(EM2), 2440(EM2), 2441(ST4), 2442(SM2), 2443(HY4), 2444(ST4), 2445 

(EM2), 2446(ST4), 2447(EM2), 2448(SM2), 2449(HY4), 2450(ST4), 2451(HY4), 2452(HY4), 2453(EM2), 2454 

EM2), 2455(EM2)°, 2456(HY4), 2457(PO2)c, 2458(ST4)¢. $= 
MAY: 2460(AT1), 2461(ST5). 2462(AT1), 2463(AT1), 2464(CP1), 2465(CP1). 2466(AT}), 2467(AT1), 2468(SA3) 

2469(HY5). 2470(STS), 2471(SA3), 2472(SA3), 2473(STS), 2474(SA3), 2475(ST5). 2476(SA3), 2477(ST5), 247 

(HYS), 2479(SA3), 2480(ST5), 2481(SA3), 2482(CO2). 2483(CO2), 2484(HYS), 2485(HY5), 2486(AT1)C, 2487 

(CP1)¢, 2488(CO2)¢, 2489(HY5)©, 2490(SA3)°, 2491(ST5)°, 2492(CP1), 2493(CO2). 

JUNE: 2494(IR2), 2495(IR2), 2496(ST6), 2497(/EM3), 2498(EM3), 2499(EM3), 2502 
 (EM3), 2503(PO3), 2504(WW2), 2505(EM3), 2506(HY6), 2507(WW2), 2508(PO3), 2509(ST6), 2510(EM3), 2511 

_(EM3), 2512(ST6), 2513(HW2), 2514(HY6), 2515(PO3), 2516(EM3), 2517(WW2), 2518(WW2), 2519(EM3),2520 

(PO3), 2521(HY6), 2522(SM3), 2523(ST6), 2524(HY6), 2525(HY6), 2526(HY6), 2527(IR2), 2528(ST6). 2529 
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